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Abstract
The research described in this thesis is part of a research program on innovative
bridge designs using high performance steel (HPS). The objective of the program is to
investigate the use of high performance steel in the design-of highway bridge girders. The
first phase of the program demonstrated that the weight of steel I-shaped bridge girders
designed according to current highway bridge design practice can be reduced ,significantly
by using HPS. However, the effectiveness of using steels with nominal yield strengths of .
70 ksi (483 MPa) or greater is restricted by factors such as web stability, deflection, and
fatigue design limits. This thesis describes new and innovative bridge design concepts
developed to take advantage of the enhanced properties ofHPS.
The main focus of the thesis is a design innovation that utilizes I-girders with
double web plates. The web is composed of two steel face plates connected internally by
continuous longitudinal stiffening elements. The voids between the face plates may be
grouted or ungrouted. The stiffeners permit thin webs to be used, while still allowing the
material to reach stresses as high as the yield strength without buckling. This arrangement
reduces or eliminates the reliance on bond between the face· plates and the grout core in
increasing web stability. However, it is shown that even in a debonded state, the presence
of grout enhances the buckling capacity of the face plates significantly.
.
Using classical plate buckling theory, design criteria are proposed for bend
buckling, shear buckling and vertical buckling of the web face plates. Both grouted and
1
ungrouted cases are consideI;ed. As a means of assessing the anticipated behavior of the
plates, upper and lower bounds to the buckling strengths are established.
In order to evaluate the ability of classical plate buckling theory to predict the
!
buckling of the face plates, tests on five web panels were conducted. that simulated the
bend buckling case. Two of the specimens were ungrouted, two were grouted with a
ceinentitious grout,· and one was grouted with an epoxy grout. It was confirmed that the
presence of grout increased the buckling capacity of the face plates and that the improved
bond using epoxy grout served to delay buckling as well, although when the bond broke
the failure was sudden. The experimentally determined buckling loads were used to
validate the application of the theory.
2
1. 'Introduction
1.1· Research Description
The research described in this thesis is part of a research program on innovative
-
bridge designs using ·high performance steel (HPS). The objective of the program is to
investigate the use of high performance steel in the design of highway bridge girders. The
first phase of the program studied the effect of using HPS of various strengths in a
re-design of existing bridges that were constructed with steel having a nominal yield
strength of 50 ksi (345 MPa). The research detailed in this thesis focuses on new and
innovative bridge design concepts developed to take advantage of the enhanced properties
ofHPS.
The first phase of the program demonstrated that the weight of steel I-shaped
bridge girders designed according to recent highway bridge design specifications
(AASHTO 1994) can be reduced significantly by using HPS. However, the effectiveness
of using steels with nominal yield strengths of 70 ksi (483 MPa) or greater is restricted by
factors suchas web stability, deflection, and fatigue design limits. In order to exploit the
full potential of HPS, innovative design concepts must be utilized to overcome these
limitations and associated design criteria must be developed. One design innovation that
addresses these limitations is the use of I-girders with double web plates. Figure l.la
shows a configuration wherein an in:fi11 core acts compositely with the two web face plates
to increase substantially the out-of-plane stiffness of the web. A similar concept, which is
3
the subject of this thesis, is composed of two' steel face plates connected internally by
continuous longitudinal stiffening elements. This arrangement, shown in Figure l.lb,
reduces or eliminates the reliance on bond between the face plates and the ,core in
increasing web stability. The voids between the face plates and stiffening elements may be
\~,
left empty or filled with a core material.
1.2 High Performance Steel for Bridge Girders
High performance steel can be defined as a steel that possesses properties that are
enhanced over those of traditional bridge steels, including high strength, good weldability,
ductile behavior, low-temperature fracture toughness, and corrosion resistance. The most
apparent benefit of HPS over traditional steels for the design of bridge girders is high
strength. However, conventional steels with nominal'yield strengths of up to 100 ksi
(689 MPa) have been available for many years but have not been seen as suitable for
bridge design because of poor weldability, low fracture toughness, and susceptibility to
hydrogen cracking (Sause and Fisher 1995). Therefore, ASTM A709 Grade 50 and Grade
, SOW steel-with a nominal yield strength of 50 ksi (345 MPa) combined with good
•
weldability and toughness-have been most widely used for bridges recently in the United
States.
High performance steels, which possess enhanced strength without an increased
carbon content, are currently available. They are produced through microalloying
, processes (which result in high strength low alloy steels (HSLA)) or thermomechanical
controlled processing (TM~P). The latter ~pproach includes controlled rolling processes
4
with or without on-line accelerated cooling to produce the enhanced steel properties.
Steels produced using TMCP processes have been available in Japan and Europe for some
time (Fisher and Dexter 1994). As the demand .for this· type of· HPS increases, steel
producers in the U.S. are making the ~onsiderable investment required to produce TMCP
steels. ASTM A709 HPS-70W steel is available as a HPS for bridges and is currently
produced using either an off-line quench and temper process, or TMCP..
High· performance steels have been shown to possess good weldability and
toughness (Fisher and Dexter 1994). In addition, they can be produced with a corrosion
resistance similar to conventional ''weathering steels" (e.g., HPS-70W). One concern
about high performance steels is the degree of ductility they possess, related to the
yield-to-tensile strength ratio (Yff), which is usually high for conventional high strength
steels. Because steel ductility is implicitly assumed in many design specifications,. a high
Yff may be detrimental. However, Nippon steel is currently able to produce TMCP steels
that have a nominal yield strength of over 100 ksi (689 MPa) with a Yff ratio ofless than
0.8, which compares favorably with traditional steels used in bridge constr.uction (Fisher
and Dexter 1994).
In this thesis, HPS is defined as steel having a nominal yield strength ranging from
70 ksi (483 MPa) to 120 ksi (827 MPa). In addition, it is assumed to possess good
weldability, good fracture toughness, adequate ductility, and corrosion resistance similar
to conventional weathering steels.
1.3 Double Web Plate I-Girders
5
The use of HPS as a substitute for conventional bridge steels has the potential to
reduce girder weights significantly because of its enhanced strength. However, merely
substituting materials may increase the likelihood ofproblems associated with compression
and shear stability, deflections, and fatigue due to the reduced amount of material required
based on cross-sectional strength-alone. In fact,recent design specifications (AASHTO
1994) in some cases effectively limit the opportunity to take advantage of the full potential
of HPS because of these concerns. In order to circumvent these limitations,
non-conventional design concepts must be developed.
Because of the sensitivity of thin bridge girder webs to buckling, a means of
improving buckling resistance is required to prevent premature instability that would limit
the benefit of the significantly increased strength. One method of achieving this is by using
a double web plate system with its face plates tied together by either a core material or
internal stiffeners. Improved buckling resistance of girder webs allows them to be deeper,
which tends .to increase bending and shear strength while also reducing deflections: In
addition, improved fatigue resistance can be achieved if the transverse stiffeners that are
characteristic of conventional girders can be eliminated, in turn eliminating the associated
Category C' fatigue details.
Two double web plate I-girder configurations are shown in Figure 1.1. In general,
the web consists of two thin face plates separated by a core material. Figure l.la shows a
web that is stiffened only by the core material, whereas the web depicted in Figure l.lb
6
incorporates supplementary internal steel stiffeners to reduce the dependence on bond
between the core and the face plates.
cJ
Web instability can occur in three possible modes: bend buckling, shear buckling,
and vertical buckling. Bend buckling occurs when the web buckles due to compression
stresses in the web imparted through flexure in the girder. This reduces the flexural
capacity of the girder and results in undesirable out-of-plane deformations in the web. This
type of buckling can be prevented by increasing the web thickness or through the use of
longitudinal stiffeners. Shear buckling occurs from shear stresses in the web. Post-buckling
shear strength of a web cannot be considered in the design of the girders described here
because of the lack of transverse stiffeners, which are required so that an effective
diagonal tension field can be developed. Vertical buckling occurs from the vertical stress .
imparted to the web due to the curvature of the compression flange. This type ofbuckling
is not permitted in design by the AASHTO specifications (AASHTO 1994).
Double web plate I-girders can be designed to overcome all three types ofbuckling
without the need for thick steel web plates or transverse stiffeners. A reduced tendency to
buckle leads to the ability to resist higher stresses and, therefore, to take advantage of the
increased strength ofHPS.
1.4 Objective and Scope
.The objective of the research presented in this thesis is to investigate the behaviQr
of HPS I-girders with internally stiffened webs and to recommend design criteria.
7
Analytical studies were conducted to investigate the local buckling behavior of the face
plates when they become debonded from the core material and also when the core material
is omitted entirely. Analytical work of Czaplicki et aI. (1996) on the buckling behavior of
unstiffened composite webs 'is also summarized and applied to internally stiffened webs
where the bond between the core and the face plates remains intact. Design criteria have
been developed for establishing the stiffener spacing required to prevent face plate
buckling between stiffeners, both with and without a grout core. As a means ofconfirming
the assumed behavior for local web bend buckling, five tests were conducted on internally
stiffened webs that represent the compression region of a web in flexure. Two ungrouted
webs, two webs with a cementitious grout core, and one web with an epoxy grout core
were tested.
The unstiffened composite web concept has been shown to be successful in
preventing web bucking before yielding (Czaplicki etaI. 1996). However, the core
material used was not economical and the fabrication techniques were complex and not
suited to the efficient production of bridge girders. This thesis describes the research that
was performed in an effort to develop a design concept that makes use of the advantages
of I-girders with double web plates made using lIPS, while at the same time being both
economical and constructable. This innovative concept is also discussed in Driver et aI.
(2002a).
8
1.5 Organization of Thesis
Chapter 2 of this thesis summarizes previous work on the optimization of design
using HPS and on unstiffened composite girders, as well as the findings of these studies
regarding the impediments to using this type of construction for bridge girders. In
Chapter 3, concepts of the internally stiffened girder web system are discussed, along with
the various potential web buckling modes. Design criteria are developed for ungrouted
webs as well as for fully bonded and debonded grouted webs. Chapter 4 describes a series
of tests on internally stiffened web panels in compression and the· results therefrom
Finally, Chapter 5 presents a summary and the conclusions of the research findings and
suggests areas for future work.
9
II
I
. Grout
::Vcore
I'~
. Face
:~ VPlates
~
I
(a) (b)
Figure 1.1 Double Web Plate I-Girder Configurations
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2. Previous Research
2.1 Weight Optimization of HPS Girders
Previous work at' Lehigh University investigated the use of HPS to reduce the
weight of welded steel I-girder bridges. This research compared minimum weight girder
designs using HPS with minimum weight designs using conventional steel. The results of
this study (Homma 1994) showed that significant weight savings can be realized by using
HPS in highway bridges. ThiS study lead to the identification of three major limitations to
the use ofHPS in highway bridges: web stability, deflections, and fatigue.
The study by Homma (1994) involved comparisons of existing bridge girders
designed according to the LRFD design specifications (AASHTO 1994). The Lehigh
Street Bridge (a 110 ft (33.5 m) single span composite deck, steel I-girder bridge) and the
Delaware River Bridge (a continuous seven span composite deck, steel I-girder bridge)
were partially redesigned with steels having nominal yield strengths of 36 ksi (248 MPa),
50 ksi (345 MPa), 70 ksi (483 MPa), 85 ksi (586 MPa), 100 ksi (689 MPa), and 120 ksi
(827 MPa). Both bridges are part of highway 1-78 in Pennsylvania and were constructed
,
of ASTM A572 Grade 50 conventional bridge steel.
The objective of the study was to assess the potential for weight savings by
utilizingHPS instead of conventional bridge steel in the design of typical bridge girders. It
was recognized that minimum weight designs do not necessarily represent the least cost,
. although it cart give an indication of potential cost savings. Furthermore, parameters such
11
·1
as girder spacing, span, location of girder plate transitions, and spacing of stiffeners and
diaphragms were not altered from the original design. Optimization of these parameters
for each steel grade would likely result in lower costs for those steel·grades that were
significantly higher than the one used in the actual bridge (i.e., for high perfonnance
steels). It was also recognized that current design requirements have not been formulated
with HPS in mind and may in some cases be unduly restrictive, further inhibiting the
.
weight savings.
The cross section optimization process considered the following six variables. (see
Figure 2.1):
1. web height (Dg)
2. web thickness (tw)
3. bottom flange width (bfb)
4. bottom flange thickness (tfb)
5. top flange width (bft)
6. top flange thickness (tft)
In order to assess the potential benefits of using HPS and also the current
impediments to the optimization of its use in the AASHTO specification, the following
three design scenarios were studied in detail:
1. design for strength, serviceability, and fatigue limit states.
2.· design for strength and serviceability limit states without considering fatigue
design limits (according to the design specifications (AASHTO'1994), for
steels with a· yield strength higher than 70 ksi (483 MPa) the moment
resistance is limited to the yield moment, even for compact cross sections).
3. design for strength and serviceability limit states without considering fatigue
design limits and utilizing the plastic moment as the limiting moment resistance
for all compact girders.
For each of the steel grades specified above, minimum weight girders were
designed and compared to the baseline case using 50 ksi (345 MPa) steel. Graphs of the
ratios of the weight obtained to the baseline weight for each of the six grades.and three
design scenarios are shown for four cross section cases in Figures 2.2 to 2.5. Figures 2.2
and 2.3 show the data obtained for the Lehigh Street Bridge at midspan and at a cross
section on the abutment side of a flange plate size transition, respectively. The latter
section is located 20 ft (6.1 m) from the abutment and represents a more critical case for
fatigue due to its higher ratio of live to dead load moment. Figures 2.4 and 2.5 give the
data for the Delaware River Bridge at the location of the maximum positive moment
(midway between the second and third piers) and the location of the maximum negative
moment (at the third pier), respectively.
Figures 2.2 to 2.4 reveal several similar trends. The figures clearly show that in
general, the use of a higher yield strength results in lighter girders. However, one can
observe in each case an increase in weight from 70 ksi (483 MPa) steel to 85 ksi
.(586 MPa) steel for design scenarios [1] and [2] (depicted by solid lines). This is due to
the restriction in the AASHTO specifications that requires the use of the yield moment as
13
the limiting moment resistance for yield strengths higher than 70 ksi (483 MPa), even for .
•
compact sections. If this limitation is ignored, the· anomaly would be avoided, and this
situation is depicted in the figures for design scenario [3] by adashed line. (Note that
scenario [3] also ignores the cut-off based on fatigue considerations.) If it can be
demonstrated that HPS with yield strengths above 70 ksi (483 MPa) have sufficient
ductility to reach a fully plastic condition, the limitation in the specifications could be
eliminated.
Figures 2.2 to 2.4 also demonstrate that as the yield strength increases, the fatigue
design requirements in the AASmO specifications prevent any further saving in weight
when the yield strength reaches 100 ksi (689 MPa). This is because the welded details at
the transverse stiffeners are considered to be Category C' and the design of girders
fabricated from steel with a high yield strength are controlled by the limits on stress range
due to their reduced section dimensions. Elimination of the Category C' detail could result
in lighter girders for these steels.
Figure 2.5 differs from the previous three figures for two main reasons. First, web
slenderness requirements for a compact cross section were not met. Therefore, each
minimum weight girder was non-compact and the yield moment was taken as the
maximum permissible moment on the cross section. As a result, no increase in weight was
observed between yield strengths of 70 ksi (483 MPa) steel and 85 ksi (586 MPa). In
..addition, none of the designs are governed by the fatigue design limits for CategoryC'
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details. Figure 2.5, therefore, represents a case where the considerable impediments to the
use of HPS described in this section are not present and its full benefit can be utilized.
As part of the design for serviceability limit states, the minimum weight solutions
for the Lehigh Street Bridge were checked against the deflection criteria of the AASHTO
specifications (AASHTO 1994). The minimum weight midspan cross section was assumed
over the center 70 ft (21.3 m) and minimum weight plate transition cross section was
assumed over the remaining 20 ft (6.1 m) at each end. The specifications allows a
deflection ofU800 under vehicular live load (including an allowance for impact), where L
is the span length of the girder. The live load deflections of the minimum weight bridge
designs for all grades of steel considered in the study were found to be well below the
deflection limit. For example, if the bridge were designed using steel With a yield strength
of 85 ksi (586 MPa), deflections were determined to be about half of the deflection limit.
2.2 Unstiffened Composite Web Girders
2.2.1 Weight Savings using Composite Webs
With the objective of overcoming some of the factors that prevent the optimafuse
of HPS, additional research at Lehigh University was conducted to investigate the
behavior of HPS I"':girders with composite webs composed of two steel face plates and a
core material (Czaplicki et ai. 1996). The increased out-of-plane web stability that can be
obtained by composite webs permits the use of deeper girders without 4J.creasing the web
plat~ thickness. This not only results in improved moment and shear resistance, but also m
decreased deflections. The proposed girder configuration also drcumvents the limitations
15
due to fatigue design criteria because the stress range can be reduced (when deeper beams
are utilized) and the Category C' weld detail is removed (there are no transverse
stiffeners).
A design study was conducted to explore the potential advantages of the
composite web girder for highway bridges. It compared minimum weight conventional
web girder designs based on the work by Homma (1994) (described in the previous
section) with minimum weight composite web girder designs. The effect of using
continuous compression flange lateral bracing during construction was alSo investigated.
Results of the study show that for the cases considered, the minimum weight composite
web girders were always lighter.
The study was limited to the same two cross sections of the Lehigh Street Bridge
as studied by Homma (1994). Yield strengths varying from 50 ksi (345 MPa) to 120 ksi
(827 MPa) and face plate thicknesses from 1/8 in (3.2 mm) to 3/16 in (4.75 mm) were
considered. In order to generate minimum weight composite web cross sections, certain
assumptions were made regarding the stability performance of the webs, resulting in the
elimination of several web stability design checks•.It was assumed that the girder can reach
both the yield moment and the shear yield capacity of the web without buckling of any
kind. (Details about the specific design checks that were eliminated can be. found in
Czaplicki et aI. (1996». Furthermore, the 70 ksi (483 MPa) yield strength limit on the use
.. of the plastic moment as the maximum moment resiStance for compact sections was
16
removed. It was also assumed that no detail more severe than Category B is present in the
girders with composite webs.
Figures 2.6 to 2.8 show a summary of the results of the study for the midspan
section of the Lehigh Street Bridge. Each figure shows the effect of yield strength on the
girder weight for the conventional girder and one of the three composite.web girders
studied (both with and without continuous compression flange bracing) as a ratio of
weight of the 50 ksi (345 MPa)conventional girder. The fatigue requirements in the
design specifications (AASHTO 1994) are considered in all cases. As can be seen from the
figures, only the composite web girders show a continued weight saving beyond 85 ksi
(586 MPa), due to the elimination of transverse stiffeners and their associated Category C'
fatigue detail. Overall, the potential weight savings by using composite web girders instead
of conventional girders made from the same grade of steel (considering HPS with yield
strengths from 70 ksi (483 MPa) to 120 ksi (827 MPa)) and without continuous
compressive flange bracing are about 6% to 30%.
Figures 2.6 to 2.8 also demonstrate that there is relatively little· benefit to
providing continuous lateral bracing to the compression flange of a conventional girder,
whereas the benefits for composite web girders are somewhat greater. For conventional
girders, when using steel with a high yield strength the savings from continuous bracing
would be about 2%. For composite web girders, the reduction in weight could be as much
as 10%.
2.2.2 Buckling Design Criteria
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Design criteria were developed by Czaplicki et ai. (1996) for composite webs
without internal stiffeners to suppress the three potential'modes of web instability: bend
buckling, shear buckling, 'and vertical buckling. It was assumed that the bond between the
face plates and the core remains intact and that the core shear stiffness is high enough for
the web to behave compositely. Moreover, the core stiffness was neglected in the
calculations. These' criteria were based on the plate buckling theory described by
Timoshenko and Gere (1961) and presented in its adapted form for "sandwich" plates by
Plantema (1966).
In summary, Czaplicki et ai. (1996) suggested that in order to prevent vertical'
buckling of a composite web:
D 2fD ( 1 J
-g~I.l6E· k g
c+f Af C5yf (C5yf +C5r )
where:
Dg = web depth
c = sandwich plate core thickness
f - sandwich plate face plate thickness
E = face plate modulus of elasticity
(2-1)
k = buc~g coefficient, depending on boundary and loading conditions, plate
aspect ratio, and out-of-plane stiffness
Af = area of compression flange
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O'yf = flange yield strength
O'r = flange residual stress from welding process
The quantity. on the left side of Equation 2-1 represents the slenderness of the
composite web. If the inequality is satisfied, the girder flange will yield before the web
buckles vertically. Equation 2-1 assumes that the vertical stress is shared equally by the
two face plates only and that Poisson's ratio is 0.3.
In order to prevent bend buckling of a composite web, Czaplicki et al. (1996)
derived the following equation:
where, in addition to the variables defined for Equation 2-1:
O'y = web yield strength
· (2-2)
If Equation 2-2 is satisfied, the face plates of the composite web will yield at the
extreme fiber before bend buckling occurs. The equation assumes that the bending stress is
shared equally by the two face plates only and that Poisson's ratio is 0.3.
Czaplicki et ai.. (1996) also derived the following equation for preventing shear
buckling of a composite girder web:
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(2-3)
where:
kv = shear buckling coefficient, depending on boundary and loading conditions,
plate aspect ratio,and out-of-plane stiffness
If this inequality is satisfittd; the girder web will yield in shear before the web
undergoes shear buckling. Equation 2-3 assumes that the shear is shared equally by the
two face plates only and that Poisson's ratio is 0.3. It was also assumed that the shear
yield stress is 0.58 times the tensile yield stress based on the von Mises yield criterion. The
equation is derived by equating the critical elastic shear buckling stress to a stress that is
25% higher than the shear yield stress and solving for the web slenderness. Thus, the web
slenderness limit given by Equation 2-3 is less than the web slenderness at which the
elastic buckling curve reaches the shear yield stress in order to account for partial yielding
of the face plates due to residual stresses, geometric imperfections, and nonlinearity in the
stress vs. strain curve before the yield stress is reached (i.e., to account for inelastic
buckling). These assumptions are consistent with the treatment of conventional webs in
the AASHTO spec~cations (AASH~O 1994).
. Czaplicki et ai. (1996) concluded that although the buckling load coefficients
change with the transverse shear stiffness of the composite web, for practicai ranges
combined with the use of HPS, the criterion for shear buckling (Equation 2-3) is always
the most critical.
2.2.3 Test Program
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Two prototype composite web girders with 14 ft (4.27 m) spans were tested to
verify the design concept. The 24 in. (610 rom) deep composite webs were fabricated
. using HPS face plates with a yield strength of 81 ksi (558 MPa) and an epoxy paste .
adhesive core. The face plates were nominally 0.125 in. (3.18 mril) thick and the core was
nominally 0.25 in. (6.35 rom) thick. The primary purpose of the tests was to validate the
"'"\
design criteria that· had been developed to prevent web buckling. In each case, the web
slenderness satisfied the requirements of Equations 2-1,2-2, and 2-3. Both girders were
fabricated and tested to failure under three-point loading (a single concentrated load at
midspan plus two end reactions).
The first prototype girder was designed with a relatively large flange area so that it
would exhibit a shear, rather than flexural, failure mode. Specifically, it was designed so
that the web would yield in shear when each flange reached approximately 69% of the
flange yield force. The individual face plates were sufficiently slender that· they exceeded
the AASHTO web slenderness criteria for bend buckling, shear buckling, handling, and
excessive lateral web deflections. The test girder web demonstrated composite behavior
and, despite the slender face plates, yielded in shear prior to experiencing shear web
buckling.
The second prototype girder was designed with a much smaller flange area so that
it would exhibit a flexural failure mode. Specifically, the girder was designed so that the
web would yield at the extreme fiber in flexure· when the girder reached approximately
33% of its shear yield capacity. The bending test showed that the composite web can
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suppress bend buckling of the web, allowing the extreme fiber of the web to yield before
web buckling occurs.
The design criteria, supported by the test results, show that as long as bond is
maintained between the face plate and core, web buckling can be suppressed allowing the
face plates to reach yield in shear or in compression at the extreme fiber.
Czaplicki et at. (1996) also conducted tests on welds to determine the most
suitable method for joining the thin face plates to the thicker flange plates. One-side fillet
welds were visually inspected and physically tested to determine their ability to transfer
shear along the axis of the weld. Temperature gradients on the face plates during the ~
welding process were also measured in order to determine whether there is any potential
for damage to the core material.
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3. Internally Stiffened Webs
3.1 Introduction
The previous research on composite web girders presented in Chapter 2 shows the
potential advantages of the double web plate design concept. The higher strength of HPS
can be exploited by using thin web plates bonded together by an epoxy core in order to
delay web buckling until after the web capacity has been reached based on yield in
compression or shear. However, the system investigated by Czaplicki et al. (1996) has
two significant disadvantages. First, the complex fabrication procedures are difficult to
,
apply in full scale girder production. Second, handling, welding, and other procedures
that make up the normal fabrication and erection sequence may reduce the reliability.ofthe
bond between the core material and the face plates, which is required to delay the face
plate buckling. In an effort to capitalize on the advantages of the double web plate concept
while overcoming the weaknesses of the bonded composite system, internally stiffened
web girders were investigated. An internally stiffened web is composed of two face plates
connected by continuous internal longitudinal stiffeners. The voids between the face plates
may be left empty or filled with a core material.
3.2 Fabrication
One of the challenges in developing the concept of internally stiffened web girders
is devising a method for attachment of the internal longitudinal stiffeners to the web face
plates on both sides. Ifbond cannot be relied upon (or particularly in the case where there
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is no core material), the face plates must be tied together in some manner to inhibit the
buckling that would take place at very low stresses in an unstiffened web. Clearly, access
is not available between the face plates for connecting the stiffeners to the plates using
conventional welding procedures. However, innovative ways of connecting the internal
stiffeners to the face plates can be developed. Three possible means of attachment have
been considered: laser welding, bolting, and the use of interlocking angles.
Laser welding provides a method of joining the face plates to the internal
stiffeners. In this method, bar stock would be placed between the two face plates and a
high energy beam would be shot through the plates to fuse the elements, as depicted in
Figure 3.1a. The primary drawbacks to this method are the limited availability of laser
welding facilities and the current lack of knowledge about the process as applied to bridge
girder fabrication. For these reasons, laser welding may not be a practical option at the
present time. However, there appears to be significant potential for adapting the process
to the fabrication of internally stiffened bridge girders.
Bolting is a second way that bar stock could be attached between two face plates.
In this method, the face plates and bar stock would be connected using a series of bolts
that penetrate through both face plates and the bar itself, as shown in Figure 3.1b. The
holes could be drilled efficiently using an automatic drilling machine.
A third option for connecting the face plates together using internal stiffeners
involves the use of interlocking angles, as shown in Figure 3.1c. In this method, angles
29
would be welded to each face plate using fillet welds along the edge of the angle leg. The
two face plates would then be placed together with the angles forming an interlocking
connection. In order to prevent the face plates from separating, the resulting void between
the angles would then be grouted, providing a positive connection and reducing· the
effective panel size.
3.3 Potential Web Stability Failure Modes
As described in Chapter 1, web buckling can occur in three primary modes: bend
buckling, shear buckling, and vertical buckling. The AASHTO specifications
(AASHTO 1994) provides criteria based on plate buckling theory to prevent these modes'
for conventional three-plate welded I-girders. However, new criteria are required to
design internally stiffened web girders against failure due to premature web instability.
For an internally stiffened web, the three modes of web buckling may be
manifested in two different ways: overall web buckling or local plate buckling (referred to
subsequently in this thesis as "wrinkling"). In overall web buckling, the face plates and
internal stiffeners behave as a stiffened plate and become unstable as a unit. Wrinkling
occurs when an individual face plate becomes unstable and buckles between the
longitudinal stiffeners.
Which of the two types of instability (overall buckling or wrinkling) is critical
depends largely on the geometry of the girder and the stiffness of the stiffeners. In the case
of composite internally stiffened webs, it also depends on the properties of the core
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material, and in particular on the degree and reliability of the bond between the core and
the face plates. For this reason, the behavior of fully bonded webs and debonded or
ungrouted webs are considered separately in the next two sections. In the section on fully
bonded webs, the required properties of the core material and required bond capacities are
discussed.
3.4 Behavior of Fully Bonded Webs
3.4.1 Introduction
If bond is maintained between the face plates and core, localized buckling of the
face plates is prevented. If the composite web is also proportioned to prevent overall
buckling, the face plates will yield prior to exhibiting overall web instability. Conversely,
overall buckling of the composite web could occur prior to the face plates reaching their
yield stress if the composite web is slender. Therefore, design criteria are required to
prevent premature overall instability of fully bonded composite webs.
3.4.2 Required Properties of Core Material
The web slenderness criteria developed by Czaplicki et ai. (1996) and presented in
Chapter 2 contain not only the geometric parameters and material properties of the face
plates, but also a buckling coefficient. In the formulation of conventional plate theory, the
buckling coefficient depends upon the type of edge restraint, the loading conditions, and
the aspect ratio of the plate. In sandwich plate theory, as presented by Plantema (1966)
and followed by Czaplicki et ai. (1996), the buckling coefficient also depends on the
out-of-plane flexural. stiffness of the composite plate system. As such, an important
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property within this coefficient is the ability of the. core material to transfer stresses
between the two face plates, which is characterized mainly by the shear modulus, Gc• This
property is of primary importance'in determining whether a certain material can be used as
a composite web core. Although the work by Czaplicki et al. (1996) was developed using
sandwich plate theory, which is not directly applicable to internally stiffened webs which
are distinctly orthotropic, they derived some useful information on required core
properties.
Czaplicki et ai. (1996) conducted a study to determine the required shear modulus
for different composite web configurations. They considered the full range of girder cross-
sectional geometries encountered in the minimum weight study of the Lehigh Street
Bridge discussed in Chapter 2. The highest value (of minimum shear modulus) seen in the
study for any case was 25 ksi (172 MPa). Since most cement and epoxy grouts would be
expected to possess a shear modulus much greater than this value, these grouts should· be
acceptable for use as a composite web core material, as long as the bond to the face plates
can be maintained. In subsequent discussions of composite web girders, grout is assumed
to be the core material. The performance of internally stiffened, grouted webs was studied
experimentally and is discussed in Chapter 4.
Another core material property that is of importance is the failure strain. In order
for the face plates to yield prior to reaching failure of the core, the core must be able to
. .
achieve at least the yield stram of the face plates. Although the failure strain, compressive.
capacity, and stiffness of cement and epoxy grouts tend to be highly variable, grouts are
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available that can reach or surpass the yield strain of face plates made from HPS. The
grout is compressed in a partially confined condition within a composite web that tends to
increase its crushing strength. However, the degree of confinement is difficult to quantify.
Other core properties that may be important to overall performance of the
composite web girder include durability during handling and under cyclic loading,
susceptibility to property changes during nearby welding operations, differential thermal
expansion properties as compared with steel, and the tendency to creep, shrink, or swell
over time. A final property that is of primary significance-the bond strength-is
discussed in Section 3.4.4.
3.4.3 Design Criteria (Overall Buckling)
Design criteria developed by Czaplicki et at. (1996) for composite webs without
internal stiffeners were presented in Section 2.2.2. These criteria give a means of designing
webs such that they can reach the yield stress prior to exhibiting any of the three potential
modes of web instability: bend buckling, shear buckling, and vertical buckling. If the
criteria of Czaplicki et al. (1996) are used for the internally stiffened case (with the
interface bond remaining intact), any contribution to the prevention of buckling by the
longitudinal stiffeners is neglected. In reality, not only do the stiffeners contribute to the
buckling capacity" but they may also contribute to maintaining the bond itself by
preventing face plate rotation and therefore reducing the effective bonded panel size. Until
refined criteria are developed, Equations 2-1, 2-2, and' 2-3 are recommended for
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determining the limiting web slenderness for vertical, shear, and bend buckling,
respectively, for internally stiffened, fully bonded webs.
3.4.4 Bond Behavior
The ability of 'the web to behave compositely depends, to a large extent, on
whether adequate bond between·the core and the face plates can.be achieved. If the bond
is broken, premature failure by local web wrinkling of the face plates between the
longitudinal stiffeners may take place. The magnitude of the bond strength between the
face plate and the core will vary depending upon the properties of the grout and the
degree of steel surface roughness. In order to establish whether the bond strength is
sufficient, it is necessary to determine the bond stress demand at the interface between the
face plate and the core.
Driver et ai. (2002b) conducted a finite element study to evaluate the bond stresses
ill an internally stiffened composite web girder subjected to bending, as shown in
Figure 3.2. The figure shows that the most critical panel with respect to wrinkling is that
adjacent to the compression flange where the compressive normal stresses are highest.
Finite element models (Figure 3.3), representing the critical panel, were developed using
shell elements for the face plates and solid elements for both the longitudinal stiffeners and
the grout. The details of the model can be found in Driver et ai. (2002b).
The models were used to conduct a parametric study to evaluate the effect of face
plate initial imperfections and face plate slenderness on the through-thickness bond
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stresses as a function of the face plate normal stress. The maximum amplitudes of the
initial imperfections were selected.based on tolerances outlined in the American Welding
Society Bridge Welding Code (AWS 1988). The ratios for face plate slenderness, dlf,
where d is the center-to-center stiffener spacing, were selected to cover a range of
potential critical bend buckling stresses. The results, summarized in Figures 3.4 and 3.5,
indicate that the bond stress demand increases with increasing imperfection amplitudes and
decreasing web slenderness. For all cases considered, the bond stress demand incJ;"eases
with increasing normal stress in a linear manner.
Although the calculated bond stress demand is relatively low, it is believed that a
, typical cementitious grout is unlikely to provide adequate bond strength. Based upon the
author's experience from the experimental program described in Chapter 4, a water-based
cementitious grout will have a negligible bond strength to steel (bond can be easily
b~oken), whereas an epoxy-based grout can provide a relatively high bond strength. With
appropriate surface preparation, the epoxy based material, used in grouting specimen 3,
has a tensile bond strength to steel of 3000 psi (20.7 MPa), suggesting that epoxy grout
might be effective in maintaining bond. However, epoxy grouts are expensive and tend to
be more difficult to work with than cementitious grouts, making it unlikely that they could
be used economically in the fabrication of full-scale bridge girders. Moreover, debonding
in composite web girders may also occur for reasons other than high through-thickness
stresses during service. For example, accidental impact during handling or erection,
vibration, welding procedures, and improper mixing or placement of the grout could all
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contribute to debonding. To' control these factors, it appears that unrealistic levels of
quality assurance and inspection would have to be implemented. It is thus recommended
for design that the bond strength between the face plates and the core be neglected, i.e.,
"-
that the face plates be considered debonded. This is discussed more fully in the next
section.
3.5 Behavior ofDebonded Webs
3.5.1 Introduction
As discussed in the previous section, unless composite web girders are fabricated
under strictly controlled conditions-a situation that is unlikely to be economical for
bridge girder fabrication-it would be prudent to neglect the bond between the face plates
and the core material entirely. Even if good bond can be achieved initially, achieving .
subsequent confirmation of a secure, uniform bond would be difficult. For this reason, it is
recommended that the interface bond be neglected and the design include checks to
prevent both face plate wrinkling' and overall buckling. Because the face plates can be
extremely slender, in most cases wrinkling of the face plates is likely to be more critical.
However, for a complete design, both potential types of instability must be checked.
In order to design internally stiffened web girders so that web instability will not
occur, three modes of instability must be checked: bend buckling, shear buckllD.g, and
vertical buckling. The wrinkling modes of instability occur when the face plates reach a
critical stress and buckle between the longitudinal stiffening elements. For the debonded
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case, criteria can be developed considering a single panel of an internally stiffened web,
using plate buckling theory.
3.5.2 Plate Buckling Theory
3.5.2. 1 Bend Buckling
Timoshenko and Gere (1961) describe an analytical procedure to obtain the critical
buckling stress of a thin, homogeneous and isotropic plate loaded in-plane in one
direction. The buckling load per unit plate width, N, is derived assuming that the plate
buckles in two directions as a series of sine waves. The buckling load depends on the plate
dimensions, the bending stiffness of the plate, and the number of half-waves into- which the
plate buckles, and is represented by:
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The value of N is smallest when n =1, which means that the plate buckles in one
or more (m =1,2, 3, ...) half-waves in the direction of the compressive stress and only
one half-wave in the perpendicular direction. Substituting n =1 into Equation 3-1 gives:·
(3-2)
which can be rewritten as:
(3-3)
Defining the value in brackets in Equation 3-3 as the buckling load coefficient, k,
the following relationship results:
(3-4)
Timoshenko and Gere (1961) plotted this equation for a series of values ofmfor a
simply supported plate. This diagram-reproduced in Figure 3.6-shows that the
minimum value of k for each value of m is 4.0, which occurs at a value of alb = m. This
implies that as close as possible, the plate buckled shape will have half-wave lengths in the
perpendicular and parallel directions that are equal.
In general, the buckling load coefficient, k, depends upon the loading conditions,
the edge conditions, and the aspect r~tio of the plate. Approximate values of k have been
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tabulated for standard loading and edge conditions (e.g., Timoshenko and Gere 1961;
Young 1989, Bulson 1969).
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where: .
(jcr =
12 (1 _ v') (d; )' (3-5)
ds = clear distance between stiffeners (analogous to b)
f = face plate thickness (analogous to t)
In order to obtain the limiting slenderness, ds If, required to yield the face plate
prior to buckling, the yield stress is substituted for the critical stress in Equation 3-5.
Implicit in this substitution is that residual stresses c~ be neglected. The expression can
then be rewritten in terms of a slenderness ratio:
(3-6)
By assuming that v =0.3, Equation 3-6 can be written:
(3-7)
This slenderness limit must be met within a panel in order for the panel to reach
yield before buckling. Different values of k are used depending upon the assumed
boundary conditions. Recommendations are made for design criteria in Section 3.5.3.
3.5.2.2 Shear Buckling
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Figure 3.8 shows the shear stress distribution in a girder web. For one panel of an
internally stiffened web girder, the shear stress distribution can be approximated as
uniform, as. shown in Figure 3.9. A face plate subjected to a uniform shear stress
distribution will buckle at a critical shear stress of (Timoshenko and Gere 1961):
(3-8)
In order to obtain the limiting slenderness, ds/f, required to yield the face plate in
shear prior to the occurrence of shear buckling, the shear yield stress is substituted for the
critical stress in Equation 3-8. The expression can then be rewritten in terms of a
slenderness ratio:
~< k v 1t2 E
f - 12 (l-v 2 ) 'ty
. (3-9)
A value for Poisson's ratio, v, of 0.3 is selected and the shear yield stress, 'ty , is
based on the von Mises yield criterion. In order to account for the partial yielding that
takes place beyond the proportional limit (the inelastic buckling zone), the dJf limit for
reaching the full shear yield stress is reduced below that which is theoretically required
assuming a discrete yield point. Consistent with the treatment of conventional webs in the
AASHTO specifications (AASHTO 1994), the elastic buckling curve (Equation 3-8) is
assumed to be 25% higher than the shear yield stress at the required slenderness limit. (See
41
Section 2.2.2 on shear buckling of composite webs for a more complete discussion of this
idea.) This can be accounted for by setting 'ty .= 1.25 (0.58) cry in Equation 3·9, which
gIves:
(3-10)
This slenderness limit must be met for the shear yield stress to be reached prior to
the occurrence of shear buckling in the face plates. Different values of kv are used
depending upon the assumed boundary conditions. Recommendations are made for design
criteria in Section 3.5.3.
3.5.2.3 Vertical Buckling
When a girder is subjected to bending, vertical stresses are induced in the web due
to the vertical components of the flange forces. This concept is illustrated in Figure 3.10.
The deformation accumulated in the flange over a distance dx is (Salmon and Johnson
1996):
where:
D
Ei dx = de --g
2
Dg = depth of girder
Er = compression flange strain
de = change in curvature of the girder over the distance dx
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(3-11)
Figure 3.10c shows the compressive stress, fc, caused by the vertical component
of the flange force. This stress is equal to:
where:
Af = area of compression flange
(jf = compression flange stress
tw = thickness of web
(3-12)
For .~ internally stiffened web.girder with two face plates, it is assumed that the
vertical components of the flange forces are equally divided between the two face plates.
Thus, the expression for stress in the face plates due to the vertical flange forces is:
(3-13)
A panel from a longitudinally stiffened web girder experiencing the stress described
by Equation 3-13 is idealized as a plate under uniform vertical compression. The buckling
stress for this loading case is given by (Timoshenko and Gere 1961):
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To prevent vertical web buckling, the compressive stress in the web, fe, must be
kept below the critical buckling stress of the web, O'cr, given in Equation 3-14. Setting O'cr
equal to fe gives:
d
s
k1t2 EfDg
- < f--------':.....--
f - 12(1-v2)crf Af Ef
(3-15)
To ensure that flange yielding occurs before vertical web buckling, the flange
stress, crf , is replaced by the yield stress of the flange, O'yf. Accounting for residual
stresses, O'r, caused by welding, tpe flange strain at yield is given by (Basler and
Thurlimann 1961):
(3-16)
Observing that the area of one face plate, f Dg, is equal to one-half the web area,
Aw, and assuming that the ratio of web to flange area is 0.5, an equation for the limiting
slenderness ratio for vertical face plate buckling of one panel can be written. Substituting
Equation 3-16 into Equation 3-15 (Basler and Thurlimann 1961):
(3-17)
Substituting v =0.3, and assuming, conservatively, thatcrr =0.5 cryf gives:
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(3-18)
I
This slenderness limit must be met within a panel to prevent vertical buckling in the
web face plates. That is, if the web slenderness given in Equation 3.1~ is not exceeded,.
the vertical force in the web from overall curvature of the girder will not exceed the
critical buckling stress of the face plate prior to the flange reaching yield. Different values
of k are used depending upon the assumed boundary conditions. Recommendations are
made for design criteria in the next section.
3.5.3 Design Criteria (Wrinkling)
3.5.3. 1 Objectives
In the previous section, face plate wrinkling slenderness limits were developed for
internally stiffened girder webs. Three wrinkling modes of instability were examined: bend
buckling, shear buckling, and vertical buckling.
The slenderness limits developed apply to face plate wrinkling of an individual
panel in an internally stiffened web. However, in the generalized expressions, the buckling
coefficient, k, varies depending upon the' boundary conditions and the aspect ratio of the
. plate. The following sections discuss panel configurations and appropriate boundary
conditions to use for each case. Slenderness design criteria are then proposed for the
design of individual web panels in the form of upper and lower bounds. The results of a
series 'of five tests are used to assess the applicability of the design criteria in Chapter 4.
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3.5.3.2 Ungrouted Panels
In an ungrouted panel subjected to a longitudinal compressive stress (the bend
buckling case), each face plate is idealized as an infinitely long plate supported along the
two edges parallel to the load. As stated in Section 3.5.2.1, the compressive stress is
assumed to be uniform in the model. The edge conditions for the panel depend upon the
amount of rotational restraint provided by the longitudinal stiffeners. While some
rotational restraint is expected from the stiffeners, the precise amount is highly dependent
upon the type of stiffener and the method of fabrication. Therefore, simply supported
edges are assumed in order to define a lower bound for the critical buckling load.of the
face plate between longitudinal stiffeners. For simply supported edges, the buckling load
coefficient, k, of an infinitely long plate subjected to uniform compression is 4.0
(Timoshenko and Gere 1961). When a value of 4.0 is substituted for k in Equation 3·7,
the face plate slenderness limit becomes:
(3-19)
If the longitudinal stiffeners provide a high degree of rotational restraint to the face
plates, a: more appropriate model would be a plate with fixed edges. Realistically, the
stiffeners would never fully restrain the face plates from rotating at their boundaries.
However, the fixed edge plate model does provide a good upper bound to the critical
buckling load of a face plate panel. For an infinitely long plate·with fixed edges subjected
to uniform compression, the buckling load coefficient,k, for uniform compression is 6.97
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(Young 1989). When this k factor is substituted into Equation 3-7, the face plate
slendeI1.1ess limit is:
(3-20)
For shear buckling of an infinitely long, simply supported plate subjected to .
uniform edgewise shear, the buckling load coefficient, k, is 5.35 (Timoshenko and
Gere 1961). This condition represents a lower bound to the shear buckling case.
Substituting this value of k into Equation 3-10 produces the following slenderness limit:
(3-21)
The buckling load coefficient, k, for an infinitely long plate with fixed edges
subjected to uniform edgewise shear is 8.97 (Young 1989). This condition represents an
upper bound to the shear buckling case. When this value of k is substituted into
Equation 3-10, the resulting face plate slenderness limit is:
(3-22)
The criteria defined above permit the face plates to yield in compression or shear
before wrinkling occurs. The slenderness limits given by Equations 3-19 to 3-22 provide
lower and upper bounds to the limits required to reach the yield stress before wrinkling
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occurs under compressive bending stresses or shear stresses. The restraint provided by the
longitudinal stiffeners determines where the actual slenderness limits will fall in relation to
the bounds. It is recommended that the lower bounds be used unless s~gnificant restraint
can be assured. Figure 3.11 shows the slenderness limits for bend buckling defined in
Equations 3-19 and 3-20. Figure 3.12 depicts the slenderness limits for shear buckling as
defined by Equations 3-21 and 3-22.
For the case of vertical buckling, Salmon and Johnson (1996) conservatively
assume that the edges of the plate parallel to the load are free and the edges perpendicular
to the load are pimled. These assumptions correspond to column-type buckling as opposed
to plate buckling, with the effective length factor equal to 1.0. Adopting this condition as
the lower bound criterion, Equation 3-18·becomes (removing the factor I_v2 for column
buckling):
~::;0.370~
f cryf
(3-23)
An approximate upper bound can be derived by assuming column-type buckling
with fixed ends. In this case, the column effective length factor is 0.5. The value of kin
Equation 3-18, however, is equal to the inverse of the square of the column effective
length factor. Therefore, using a buckling load coefficient of 4.0, Equation 3-18 becomes
(again removing the factor 1_v2 for column buckling):
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~:::;O.740~
f O'yf
(3-24)
It should be noted that because the edges parallel to the load have been assumed to be
free, the true upper bound slenderness limit could be even greater. It is demonstrated
subsequently in Section 3.5.4 that this mode of buckling is unlikely to govern web design.
The vertical buckling criteria defined above permit the compression flange to yield
before face plate wrinkling occurs. Figure 3.13 shows the critical lower and upper bound
slenderness limits for vertical buckling as defined by Equations 3-23 and 3-24. Once
again, use of the lower bound criterion is recommended for design.
3.5.3.3 Grouted Panels
As described in Section 3.4.4, the bond stress demand which develops between a
grout core and the steel face plates may be significantly higher than the tensile bond
capacity of the grout. Furthermore, debonding may occur during handling and erection.
For this reason, the bond between the core and face plates is neglected in determining the
wrinkling resistance of an individual face plate panel. Despite the fact that the bond
between the steel and the grout is neglected, the presence of the grout does increase
resistance to wrinkling by influencing the buckling mode shape.
In an internally stiffened panel without any core, the face plates are free to deflect
out of plane in two directions. The presence of a grout core alters the buckled shapes·of
the face plates. The grout prevents the face plates from deflecting toward the core, forcing
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the plate to deflect away from the core in all buckles. For deflection into this mode 'shape,
greater energy is required to reach a critical buckling load. Figure 3.14a shows the
buckled shape for a panel without grout subjected to uniform compression, while
Figure 3.14b depicts the buckled shape for the same case, but with grout (bond
neglected). The presence of grout influences the buckling mode shape in two ways: First,
the face plates are effectively restrained from rotating about the axis of the longitudinal
stiffeners where the plate is continuous from one panel to the next. Since this location is a
panel boundary, the panel edg~s would be close to a fixed condition. Second, the other
boundaries to a buckled panel (perpendicular to the stiffeners) can also be considered fixed
at the location where the plate is tangent to the grout surface. In order to determine the
buckling coefficient, the location of these perpendicular "fixed" boundaries must be
determined. It can be' assumed that a single wave will form and that the resulting buckled
panel aspect ratio will be the one that gives the lowest buckling load for one wave only.
(A lower buckling load would require a portion of the plate to displace toward the grout.)
The critical panel for bend buckling is the panel closest to the compression flange.
Because the face plates at the flange are not continuous with another grouted panel, some
rotation may occur at the boundary. In addition, because a small rotation at any stiffener
causes a significant reduction in the buckling load, a lower bound condition assumes the
panel to be pinned on the edges parallel to the stiffeners. However, due to the presence of
the grout, it is still considered fixed (or ''built-in'' as termed by Bulson) on the edges
\
perpendicular to the stiffeners. In this case, the buckling coefficient, k, is 5.33 (Bulson
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1969), as shown in Figure 3.15. The figure shows that in this case the minimum value ofk
for a single buckle occurs at the intersection with the curve representing two waves. This
condition corresponds to a plate with an aspect ratio of 1.73 (shorter edge loaded and,
therefore, vertical for the bend buckling condition). When this value of k is substituted
into Equation 3-7, the critical bend buckling slenderness limit becomes:
(3-25)
An upper bound condition for bend buckling also assumes that in no location can the face
plate buckle toward the grout core. In this case, the"face plate has the buckled shape of a
near-square plate with fixed edges on all four sides. For the case of a plate with four fixed
edges subjected to uniform compression in one direction, the buckling coefficient, k, is 9.9
(Bulson 1969), as shown in Figure 3.16. This condition corresponds to a plate with an
aspect ratio of approximately 1.2. When this value of k is substituted into Equation 3-7,
the critical bend buckling slenderness limit becomes:
(3-26)
The boundary conditions for the shear buckling case are taken to be the same as
those for bend buckling. Since a literature review did not reveal any solution that provides
a means of determining the minimum buckling stress for one (outward) wave only, a
conservative approach is adopted. Timoshenko and Gere (1961) have demonstrated that
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the nodal lines of the shear buckling mode (across the width of the panel) are not straight
and therefore the assumption of a rectangular panel may be unconservative. To arrive at a
lower bound solution, the minimum buckling stress is th~refore assumed to correspond to
the minimum value for all modes. This condition applies to a panel with an aspect ratio of
infinity and is independent of the bOQ.ndary conditions across the panel width. The shear
buckling load coefficients, ky , for a simply supported plate are depicted in Figure 3.17
(Bulson 1969). ky for an infinitely long plate simply supported on all edges and subjected
to uniform edgewise shear is 5.35 (Timoshenko and Gere 1961). It should be noted that
this assumes no benefit from the presence of the grout for the shear buckling case. A
detailed analytical study of the shear buckling case may reveal that a higher value can be
justified. Nevertheless, substituting this value of ky into Equation 3·10 yields a critical
shear buckling slenderness limit of:
(3-27)
The literature review also did not uncover a solution for the minimum buckling
stress for a single wave for the case of a plate fixed on all edges and subjected to uniform
edgewise shear. However, for the upper bound condition, the buckling load coefficient, ky
, at the intersection of the coefficient curve for the single bQ.ckle and that for two
antisymmetric buckles can be selected. In this case, ky is 11.2 (Bulson 1969), as shown in
Figure 3.18. This condition applies to a plate with an aspect ratio of approximately 0.62
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and represents an upper bound to the shear buckling case. Substituting this value ofkv into
Equation 3-10 yields a critical shear buckling slenderness limit of:
(3-28)
The above slenderness criteria allow the face plate to yield in compression or shear
before buckling occurs. These criteria assume that there is no resistance to buckling
provided by the bond between the grout and steel.
Figure 3.19 shows the critical slenderness limits for bend buckling defined in
Equations 3-25 and 3-26. Figure 3.20 depicts the critical slenderness limits for shear
buckling as defined by Equations 3-27 and 3-28.
Consistent with the treatment of bend buckling and shear buckling, for a lower
bound for vertical buckling, the panel boundary adjacent to the compression flange is
assumed to be pinned. Because of the uncertainty in establishing a panel width, free edges
are again assumed, as for the ungrouted case. Because the presence of grout provides a
close approximation to a fixed boundary condition at the first interior stiffener, combined
with the conserVatism of the assumption of free side edges, a fixed edge is assumed at the
stiffener. These assumptions presume column-type buckliitg between the stiffeners, with a
column effective length factor equal to 0.70 and represent the lower bound for the grouted
case. The value of k in Equation 3-18 is equal to the inverse of the square of the
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traditional column effective length factor. Therefore, recalculating the slenderness limit for
the fixed end case by utilizing a k value of 2.04 in Equatlon 3-18 gives:
~::;; 0.529..E..-
f O'yf
(3-29)
Equation 3-24, derived for the ungrouted case, also represents a reasonable upper
bound for this case. Figure 3.21 shows the .range of slenderness limits for vertical
buckling as defined by Equations 3-29 and 3-24.
3.5.4 Discussion of Wrinkling Design Criteria
Table 3.1 shows limiting face plate slenderness values for a range of steel yield
stresses for the lower bound conditions as defined previously, and as recommended for
design. As seen in Table 3.1, the most critical mode of instability for face plate wrinkling
of an internally stiffened web girder is bend buckling. Vertical buckling is much less
critical than the bend and shear buckling modes.
In areas where the web is subjected to high normal compressive stresses due to
bending (near the compressive flange), the limiting face plate slenderness would therefore
be:
(3-7)
In other areas, where reaching the yield stress is not required or where the web is in
tension, increased slenderness is permitted.
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In regions of the web where flexural compressive stresses are relatively small,
shear buckling will control· the required face plate slenderness (at mid-depth of the web),
and the limiting face plate slenderness would therefore be:
(3-10)
In other areas, the plate may not need to reach yield in shear and an increased slendernes~
is permitted.
Since bend buckling. appears from Table 3.1 to be the most critical mode of
wrinkling instability, it was examined in more detail.· An experimental program that
investigated the behavior of both grouted and ungrouted specimens is described in
Chapter 4.
3.5.5 Design Criteria (Overall Buckling)
Although a valid potential buckling mode, overall web buckling of debonded webs
has not been considered in this research. Whether overall buckling or face plate wrinkling
governs the web design depends on the geometry of the girder and the flexural sti:ffuess of
the longitudinal stiffeners. A cursory analytical study revealed that for typical girder
configurations, overall buckling is likely to result in a higher buckling load than the lowest
of the three wrinkling criteria described in Section 3.5.3, and would.therefore not govern
web design~ In the tests described in Chapter 4, overall buckling was observed only after
the onset of local wrinkling, confirming for the configuration of the test specimens that the
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wrinkling mode possesses a lower buckling stress than does overall buckling. In order to
develop a means of checking the overall mode of web buckling, additional research is
required.
3.6 Summary of Potential Failure Modes
In general, there are three potential modes of girder ~eb buckling: bend buckling,
shear buckling, and vertical buckling, as defined in Section 1.3. Regardless of whether the
core material is bonded to the face plates or not, a complete check of all the potential web
buckling modes would include a check for each of these three modes for the case of the
web buckling as a whole (overall buckling). In addition, if the web" face plates and the core
material are not fully bonded, the three modes must also be checked for local wrinkling of
the face plates between stiffeners.
A means of checking each of the three modes for overall buckling in the case of
fully bonded webs and wrinkling in the case of debonded webs has been presented. The
maximum slenderness obtained from these checks would be used as the basis for web
design. As mentioned in Section 3.5.5, in the case of debonded webs, a complete check
would also include an investigation of the potential for overall web buckling.
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Table 3.1 Limiting Face Plate Slenderness, d/f, for Design (Lower Bound)
[1 ksi = 6.89 MPa]
Ungrouted Case Grouted Case
Yield Bend Shear Vertical Bend Shear Vertical
Stress Buckling Buckling Buckling Buckling Buckling Buckling
(ksi) . (Eq.3-19) (Eq.3-21) (Eq.3-23) (Eq.3-25) (Eq.3-27) (Eq.3-29)
36 53.9 73.2 298:1 62.4 73.2 426.1
50 45.8 62.1 214.6 53.0 62.1 306.8
70 38.7 52.5 153.3 44.8 52.5 219.2
85 35.1 47.7 126.2 40.6 47.7 180.5
100 32.4 43.9 107.3 37.5 43.9 153.4
120 29.5 40.1 89.4 34.2 40.1 127.8
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4. Test Program
4.1.lntroduction
In this chapter, the results and findings of laboratory tests on five internally
stiffened web specimens are reported. Chapter 3 presented an analytical approach to
different buckling modes to which an internally stiffened web is susceptible. The focus· of
the test program is to investigate the wrinkling behavior of the face plates between
stiffening bars when the web is subjected to longitudinal compressive stresses. An
internally stiffened web system can be either grouted or ungrouted. Two of the test
specimens were ungrouted, while the remaining three were grouted. The effect of
introducing a grout material as a void filler (debonded web case) was analytically shown to
be benefiCial. The objective ofthe test series is to verify and assess the applicability of the
design criteria described in Section 3.5for the bend buckling case.
The case of fully bonded webs without longitudinal stiffening elements was
previously investigated by Czaplicki et ai. (1996). A prototype plate girder with a
composite web was fabricated and tested in three-point bending. It was shown that
buckling of the web was delayed until its yield stress was reached after which debonding
of the face plate from the core material occurred. As pointed out earlier, two main
drawbacks of this bonded system were identified. The first is the amount of fabrication
effort required, and the second is the uncertainty in maintaining a positive bond between
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the grout and the steel. Therefore, it is the intent in the current research to study the
debonded web case by neglecting the bond between the steel and the grout. _
In Section 4.2, the test specimens, materials, fabrication processes, and test set-up
are detailed. Section 4.3 presents the design basis of the test specimens and the
instrumentation plan as well as the test observations and the analysis of ,test results. A
comparison between test results and the proposed analytical approach is presented in
Section 4.4. Finally, a brief summary and concluding remarks are given in Section 4.5.
4.2 Test Specimens and Set-up
4.2.1 Test Matrix and Specimen Description
The test program consisted of five internally stiffened web specimens that are
nominally 30 in. (762 mm) high. The test matrix is given in Table 4.1, which shows the
nominal cross-sectional dimensions of the test specimens. Specimens 1 and 5 were
ungrouted, while the remaining three were grouted as described in Section 4.2.2.
Specimens 2 and 4 were grouted with a cementitious material, whereas specimen 3 was
epoxy grouted. A typical specimen consists of two panels, as shown in Figure 4.1. Each
•
panel consists of two steel face plates with a nominal thickness of 0.125 in. (3.18 mm).
The two face plates are assembled 0.5 in. (12.7 mm) apart by a means of two steel
stiffening bars. The cross-sectional dimensions of the bars are nominally 0.5 in. x 0.75 in.
(12.7 mm x 19.05 mm). The bars are welded to the steel face plates by a 0.125 in.
(3.18 mm) fillet weld. The method of welding and the fabrication process are detailed in
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Section4.2.3, while Section 4.2.2 describes the properties and characteristics of various
grout and steel materials employed in this research.
4.2.2 Materials
4.2.2.1 Cement and Epoxy Grouts
In the process of selecting an appropriate grout material for this test program, the
following properties were considered desirable:
1. Flowability
2. Workability
A highly tlowable and workable grout material will generally facilitate and expedite the
mixing and the placement procedures of the grout, especially when the tolerances are
tight. This is the case for the test specimens depicted in this thesis where the clear distance
between the two face plates is approximately one-half inch.
Two different materials were utilized in grouting three specimens in this test series.
Table 4.2 shows a comparison between the two materials as reported by their respective
manufacturers.
The first material is cementitious. It was employed in grouting specimens 2 and 4.
It consists of a natural aggregate with a shrinkage-compensation binder and is designed to
be mixed with water. This material possesses the two desirable properties mentioned
·before. It.is tlowable and has an initial set time of approximately four hours. It also has a
compressive strength that ranges between 4000 psi (27.6 MPa) after 24 hours and
72
9000 psi (62.1 MPa) after 28 days. However, this cementitious grout material doesn't
have a specified bond strength to steel. In fact, laboratory experience showed that its bond
to steel could be broken easily and in general can be neglected. Hence, cement grouted
specimens provide a good example of a debonded grouted system as described in
Section 3.5. This idea of debonded. behavior of cement grouted specimens will be
discussed later in conjunction with the test results.
The other grout material utilized in the test series is epoxy-based. The epoxy grout
material was used in grouting specimen 3. It consists of three components: aggregate,
hardener, and resin. It has two versions: a standard version, and a hi-flow version.
Controlling the consistency is achieved by varying the mass of the aggregate to the
combined mass of resin and hardener components. Unlike the cementitious material, the
epoxy grout has excellent bond strength to steel both in tension and in shear. It also has a
higher compressive strength and a faster cure rate as it can reach a compressive strength
of 10 000 psi (68.9 MPa) after 24 hours (at 75°F (24°C) as specified in the manufacturer's
bulletin). One of this material's drawbacks is its relatively low working time which is
about 90 to 120 minutes at 75°F (24°C). Laboratory experience with this material has
revealed that it is more difficult to mix and harder to work with as compared to the
cement grout material. It is also worth noting that in order to benefit fully from the high
bond between the epoxy grout and the steel, special surface preparation is required. The
manufacturer suggests sandblasting to be the most effective procedure. Other alternative
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mechanical methods, such as grinding or sanding, are also possible but do not produce as
high a bond strength as sandblasting.
In this research, no special surface preparation for the steel was performed for the
cement grouted specimens or for the epoxy grouted specimen. Surface preparation (for
example sandblasting) is an expensive and a time consuming process. In bridge plate girder
applications, surface preparation is unlikely to be adopted due to the cost involved. Hence,
it was deemed appropriate not to perform any special surface treatment for the grouted
specimens of this test series.
The compressive strength of the two grout materials was determined by a means of
a laboratory test. Three 2 in. (50.8 mm) cube specimens of each grout material were tested
at an age of 14 days. The grout materials for the tested cubes were taken from the same
batches that were used for grouting the test specimens. The mix for the cement grouted
specimens had a fill ratio of 5.2:1, while the mix for the epoxy grouted specimen had a fill
ratio of 5.25:1. These fill ratios are only slightly greater than the fill ratios specified by the
manufacturer for flowable grout. The cement cubes were tested according to ASTM
specification C109-93, while the epoxy cubes were tested according to ASTM
specification C579-96. The tested cubes were cast in brass molds with three compartments
in each. The cubes were covered with plastic sheets and left to cure for 24 hours inside
their respective molds. The cement cubes were then covered with wet burlap and stored in
plastic bags until the time of the test. The epoxy cubes werestoreCt in well-sealed plastic
bags and kept in a dry place away from any possible moisture until the time of the test.
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These curing conditions were chosen to simulate the curing of the grout of the test
specimens. Figures 4.2 and 4.3 show the load versus head displacement plots from the
compression tests for the cement grout cubes and the epoxy grout cubes, respectively. The
cement grout was found to h!lve an average compressive strength of 7600 psi (52.4 MPa)
while the epoxy grout was found to have an average compressive strength of 12 000 psi
(82.7 MPa).
4.2.2.2 High Performance Steels
Two different steel materials were used in fabricating the test specimens; The face
plates were made from a high performance steel sheet with a yield strength of 81 ksi
(558 MPa). The nominal thickness ofthe sheet material is 0.125 in. (3.18 mm). This is the
same material that was employed in the test program reported by Czaplicki et al. (1996).
Originally, the face plate material comes from coiled steel sheets about 4 ft. (1.22 m) wide,
and was shipped uncoiled in segments approximately 10 ft. (3.05 m) long. Twenty pieces,
each 30 in. (762 mm) long, were sheared from the main sheet. Those pieces were then
used to fabricate the internally stiffened test specimens. Figure 4.4 shows how the pieces
were cut from the main sheet and also the dimensions of different pieces.
In order to determine the stress-strain curves of the face plate material, eight
tensile coupons cut from the base metal were milled and tested to fracture. The tensile
tests were carried out according to ASTM specificati~n E8-98. Six of the coupons were
cut parallel to the rolling and coiling direction of the main sheet phite and are denoted by
TC-LONG (for longitudinal). The other two coupons were cut perpendicular to the rolling
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and coiling direction and are denoted by TC-TRAN (for transverse). The test specimens
were of the sheet-type as indicated in the specification. The gage length was 2 in.
(50.8 mm) and the width within the gage length was 0.5 in. (12.7 mm). Also, due to the
small thickness of the coupons, it was necessary to use pinned ends, as shown in
Figure 4.5, instead of the standard grip-type coupons. This is because when wedge grips
are used, an initial compressive axial force is introduced into the coupon (at zero load
level) that could cause it to buckle about its weak axis. The use ofthe pin-ended coupons
ensured that the specimens were free from external forces prior to load application.·
For TC-LONG_l, a 2 in. (50.8 mm) extensometer was used. The extensometer
had a specified travel of 1.5 in. (38.1 mm), which corresponds to 75% strain. The stress-
strain curve for TC-LONG-l is given in Figure 4.6. Although TC-LONG-l provided
information about the stress-strain behavior for the sheet material up to fracture, the
accuracy of the strain readings from the large-stroke extensometer was considered
inadequate for use for the initial portion of the curve up to yielding. By close examination
of the graph it was found that the stress-strain curve tends to soften well before the yield
stress is reached (the next paragraph offers a brief explanation of this observation).
Therefore, for theremaining tensile coupons the focus was to accurately obtain the stress-
strain curve for only the initial portion of the curve (approximately up to 2% strain). To
achieve that, another 2 in. (50.8 mm) extensometer with a 0.04 in. (1.02 mm) stroke was
used. Moreover, a bondable electrical resistance strain gage, with a gage length of
, .
0.125 in. (3.18 mm), was provided on each side of the coupons at the middle ofthe gage
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length, oriented in the direction of the applied load. It was decided after the completion of
the coupon tests to utilize the strain results from the strain gages (by taking the average of
the two strain gage readings) rather than the extensometer data, which seemed to be less
accurate. For these tests, two static yield rea4ings were taken on the yield plateau by
stopping the machine head movement for a period of time long enough for the load to
stabilize. Table 4.3 gives the static yield strengths (taken as the minimum of the two
readings), the ultimate tensile strengths, and Young's moduli for the tensile coupons. The
. average static yield strength, the average tensile strength, and the average Young's
modulus for the TC-LONG series are 79.4 ksi (547 MPa), 97.6 ksi (673 MPa), and
30746 ksi (212 GPa), respectively.
A significant difference in stress-strain profile between the TC-LONG and the
TC-TRAN series was noted. From Figure 4.7, it can be observed that TC-TRAN-1
exhibits a stiffer behavior than TC-LONG-2 in the pre-yieldregime of the loading history..
This difference in behavior may be attributed to the presence of a. self-equilibrating
residual stress pattern in the coiling direction of the sheet material. The residual stresses
are introduced in the process of uncoiling the sheet. Quantitatively, it is difficult to
interpret the residual stress distribution. Qualitatively, however, we can say that there are
sections across the thickness of the sheet material that have high compressive or tensile
residual stresses. These residual stresses could be at or very close to the yield point of the
material. As a result, it is anticipated that the application of an external stress (whether
tensile or compressive) must be associated with softening of the stress-strain curve due to
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early yielding. This reasomng explains the apparent difference in behavior between
TC-TRAN-l and TC~LONG-2 as observed from Figure 4.7. It is to be noted that residual
stresses do not have an impact on the yield strength. Again, it can be seen that both
TC-TRAN-l and TC-LONG-2 eventually converge to virtually the same yield strength
value despite the apparent discrepancy prior to yielding of the whole section.
The set of stress-strain curves obtained were modified and subsequently used to
interpret the strain data of the internally stiffened panel tests. The modification was found
necessary because in computing the tensile· stresses, the minimum measured cross-
sectional area within the specimen's gage length was used (in compliance with ASTM.
specification E8-98). The use of the minimum cross-sectional area-less than or at best
equal to the area at the strain gage location-means that the numerical value of Young's
modulus could be overestimated for some cases. In order to account for this discrepancy,
a reduction factor of 0.943 was applied to the stress data with the strain data kept
unaltered. The factor simply corresponds to the ratio of a Young's modulus of 29 000 ksi
(200 GPa) to the average Young's modulus determined from the raw data, i.e., 30746ksi
(212 GPa). The value of Young's modulus selected of 29000 ksi (200 GPa) is the
AASHTO (1994) LRFD value for steel specified for use in design. Figure 4.8 shows the
resulting (average) ,stress-strain curve for the face plate material, based on information
from TC-LONG-2 through TC-LONG-6, that was used for interpreting the panel tests.
The second steel material utilized in this research is HSLA-100 with a 100 ksi
(689 MPa) nominal yield strength. The bars used as stiffeners for the internally stiffened
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test specimens were made from this material. The bars were saw-cut from a 0.5 in.
(12.7 mm) thick steel plate to a size of 0.75 in. (19.05 mm) wide by 34 in. (864 mm) long.
HSLA (denoting high-strength low-alloy) steels can be classified as high performance
.
steel, as they possess excellent weldability and fracture toughness, in addition to high
strength. Originally, this material was utilized in an experimental investigation by Dexter
and Ferrell (1995).
4.2.3 Fabrication of Test Specimens
Fabrication of the test specimens consisted of the following main phases:
1. Assembly and welding
2. Grouting
3. Loading surface preparation (milling and grinding)
First, the face plate pieces (four per specimen) and the bars (three per specimens)
were assembled on a flat table and clamped together. The steel face plates were then fillet
welded to the bars using a gas tungsten arc welding (GTAW) process. A schematic of the
GTAW process is given in Figure 4.9. This process employs an arc between a non-
consumable tungsten electrode and the metal to be welded. An inert shielding gas (argon
in this case) flows from a nozzle on the torch that holds the tungsten electrode. The inert
gas becomes ionized to conduct the arc current and protects the electrode and molten
weld pool from oxidation and atmospheric contamination. GTAW is suitable for welding
thin steel sheets and plates. The process typically produces a high qmility weld due to the
inert gas shield and is characteriZed by a low filler metal deposition rate.
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The GTAW technique was found to be the most suitable method for this
application because of the small fillet weld size and the tight tolerances, especially at the
middle ofthe specimens where there are two neighboring 0.125 in. (3.18 mm) fillet"welds
required to be deposited over a 0.25 in, (6.35 mm) distance. Figure 4.10 shows the
welding procedure of the test specimens. To miniinize specimen distortion, fillet welds
were applied intermittently (by stitching,) with the gaps subsequently filled in to form a
continuous weld. All specimens were assembled and welded in the same manner.
Figure 4.11 shows specimens 2, 3, and 4 prior to the placement of the grout. To
facilitate the grouting process and to minimize the losses, funnel-like aluminum sheets
were attached to the top edge of each of the grouted specimens. The three specimens were
tightly wrapped at the bottom with plastic sheets then seated on a steel beam and clamped
tight. The mixing of the grout materials was done using a hand mixer. As pointed out
before, the cement grout material was easy to mix and was flowable. On the contrary, the
epoxy grout was harder to mix and it was necessary to use metal and plywood strips to
push the grout into the web cavity.
After finishing the grouting procedure, the three specimens were left to cure in
place. The. two cement grout specimens were covered with moist burlap. The epoxy
grouted specimen was protected from moisture by wrapping an impermeable plastic sheet
tightly around its top. The manufacturer of the epoxy gro:ut material has recommended
avoiding exposure of the grout to moist conditions during the mixing process and early in
the curing process. Consequently, these precautions were found necessary.
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The final phase of the fabrication process was to ensure flat and clean loading
surfaces for the test specimens. For that purpose, the ungrouted specimens 1 and 5 were
milled at the top and the bottom edges. One of the challenges encountered in the milling
process is to have both edges horizontal and also parallel to each other within a certain
tolerance. The grouted specimens were initially flattened and surfaced by mechanical
grinding at the top and bottom edges, which cannot give the same degree of precision as
milling. Therefore, other methods to improve the loading surfaces for the grouted
specimens were devised. For example, specimen 2 had a layer of hydro-stone poured
between the top and bottom edges of the specimen and the test fixtures one day prior to
the day of the test. The hydro-stone flows and tends to fill any voids that might have been
left from the grinding process. The hydro-stone was not completely effective in getting the
load properly distributed between different panels and between different face plates on the
same panel for specimen 2.
An alternative to the hydro-stone method is to place copper shims between the test
fixtures and the top and bottom edges of the test specimen. Copper tends to flow as the
load is increased with the effect of creating a more uniform load distribution over the cross
section. The copper shim method was used in testing specimen 3, but it also was not
completely effective in distributing the load.
Consequently, it was concluded that milling the loading surfaces of internally
stiffened specimens (including the grout if present), coupled with the use of copper shims
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as described before, will tend to give the best results. This technique was successfully
applied to specimens 1,4 and 5.
4.2.4 Test Fixtures
Figure 4.12 shows the general layout of the tests. The test specimen was bounded
by a frame consisting of a base plate and two vertical steel channels whose position could
be adjusted to accommodate different test specimen sizes. The test was designed to
provide a simply supported boundary condition on all four edges. At the top and bottom
edges, a rocker bearing and a half cylinder were provided to allow for the rotation of the
specimen about a horizontal axis passing through the top and bottom edges, respectively.
Similarly, the vertical edges of the test specimen were supported by chamfered plates, as
shown in Figure 4.12. For adjustability and ease of installation, two pairs of plates were
used on each side of the test specimen, one for the bottom half and a second for the top
half. The chamfered steel plates had a hole pattern that was matched by a similar slotted
hole pattern on the webs of the vertical channels. Each pair of plates was pushed toward
. the vertical edges of the specimen until the notch came into contact with the specimen.
This process was repeated for the four pairs until the edges of the specimen became totally
restrained from out of plane translation. Once the specimen was confirmed to be plumb, all
the chamfered plates were bolted to the vertical steel channels, to prevent slip, using A325
high strength bolts with a diameter of 0.875 in. (22.2 mm). To minimize friction·
developing between the chamfered plates and the specimen edges as the specimen is
loaded vertically, the plates were lubricated with grease before the beginning of each test.
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Figure 4.13 shows a photograph of the general test layout after the installation of
specimen 1.
4.3 Specimen Design, Results, and Observations
4.3.1 Design of internally stiffened web specimens
Five internally stiffened specimens were designed so that local wrinkling (buckling)
of the face plates would occur under pure axial compression. The elastic buckling stress
. based on elastic plate buckling theory is given by Equation 3-5. Due to the fabrication
conditions described in Section 4.2.3, the clear distance between the stiffening bars
defined by ds in Equation 3-5 was judged to be inappropriate for computing the critical
wrinkling stresses for the test specimens. This is because the unloaded edges of the face
plates were restrained at the interface between the plate edge and the fillet weld, as can be
seen in Figure 4.1. Consequently, the width of the face plate between the fillet welds was
used, and is denoted by dw• It should be noted that this situation arises here because of the
fabrication method. In plate girder applications, the face plates of the web are meant to be
continuous and therefore, the clear distance between the bars can be used. Hence, for the
test specimens, Equation 3-5 can be· rewritten as follows:
(4-1)
As pointed out .earlier, the critical wrinkling stress depends on the boundary
conditions of the edges of the plate. Therefore, lower and upper bound limits were
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suggested as a means of bounding the tfl,le wrinkling stress. The effect of the boundary
conditions and the plate aspect ratio is reflected by the value of k in Equation 4-1. For
ungrouted specimens, a k value of 4.0 was used in computing the theoretical lower bound
of the critical wrinkling stress, whereas a k value of 6.97 was used in computing the
theoretical upper bound. Similarly for the grouted specimens, k values of 5.33 and 9.9
were taken for the lower and upper bounds, respectively. A detailed discussion of how the
k values were derived is presented in Section 3.5.3.2 for ungrouted panels and in
Section 3.5.3.3 for grouted panels.
Table 4.4 presents the lower and upper bound critical wrinkling stresses for all five
specimens using a value of 29 000 ksi (200 GPa) for Young's modulus, and a value of 0.3
for Poisson's ratio. The specimens were proportioned to give a wide range of anticipated
critical stresses. It can be observed that the lower and upper bound stress values are
identical for specimen 2 (with cement grout) and specimen 3 (with epoxy grout). This is
because the effect of bond between the steel and the grout was not taken into account in
the formulation. Also given in Table 4.4 are the critical buckling loads corresponding to
the critical wrinkling stresses. The critical loads were computed twice: (1) based on the
steel section alone neglecting the grout, and (2) based on a transformed section area. The
modular ratios, n, are given in the table and were computed based on..information provided
by the grout manufacturer.
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Figures 4.14 and 4.15 show schematics of the instrumentation layout for the five
tested specimens. The four face plate panels constituting a specimen were given the
following names: south-west, south-east, north-west, and north-east panels. Only the
instrumentation layout for the south-side panels is shown, with the north-side panels being
symmetrically instrumented unless otherwise mentioned. At locations marked A, one
longitudinal gage (parallel to the loading direction) was used on each side of the same face
plate. This scheme was chosen to be used for ungrouted specimens so that the true state of
strain of the middle surface of the instrumented face plate can be computed at any level of
axial compressive force.
At locations marked B, longitudinal strain gages were placed only on the ou~side
surface of a·face plate. Strain gages on the inside sUIface ofthe grouted specimens were
anticipated to influence the behavior, and therefore longitudinal strain gages were used on
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the outside surface only for these cases. They were placed in sets of three on each panel at
different levels, as shown in Figures 4.14 and 4.15. Each group of three had one gage on
the centerline of a face plate and two gages near the edges close to the bars. At the onset
of wrinkling of the face plate, a buckled wave would tend to form in such a way that its
peak or valley occurs at the centerline of the face plate. This implies that the centerline of
the face plate should either exhibit an additional tensile strain component (for peaks) or an
additional compressive strain component (for valleys) in the longitudinal direction of the
test specimen due to the new geometric configuration. Consequently, it was reasoned that
a comparison of the strain readings from the centerline gage with strain readings from the
two gages near the edges should indicate the instant and also the strain level at which
wrinkling of the face plate occurs.
. At locations marked C, strain gages were placed in the transverse direction (on the
south-west and the north-west panels only) very close to the plate edge near the
longitudinal bars. Strain readings from group C gages are supposed to'be at or very close
to zero as the load is increased. As the face plate starts wrinkling, it tends to bend in a
transverse direction near the edges where the plate is welded to the longitudinal bars. This
buckling-driven bending action is accompanied by a deviation in transverse strain readings,
qualitatively signaling the initiation of local wrinkling of the face plates.
To monitor the out-of-plane displacements of the whole panel, three linear variable
displacement transducers (LVDTs) were mounted along the centerlirie of the middle bar
on the north side panel. They are denoted by D in Figures 4.14 and 4.15. A MEGADAC
86
data acquisition system, together with a personal computer, was used to record the total
applied load, the machine head cUsplacement, and the strain and displacement data.
Ultimately, the purpose of the instrumentation schemes described in the previous
para~is to provide enough information to accurately quantify or qualitatively
describe the wrinkling behavior of the face plates.
4.3.3 Test Procedure
Prior to each test, at least one elastic load cycle was performed to verify the
instrumentation and to check load uniformity. Load uniformity was checked with the aid
of strain gages for each panel in an average sense. Typically, strain gage readings were
averaged over each of the four panels, then compared to check that each of the panels is
taking an equal share of load. If corrections were required, copper shims were used, as
explained in Section 4.2.3.
Test specimens were loaded in a 600 kip (2670 kN) capacity SATEC testing
machine with a computer control system. Initially, each specimen was tested in load
control to a load level that was less than 50% of the lower bound wrinkling load.
Subsequently, displacement control was employed until the post-peak capacity of the
specimen had decreased substantially. Specimen 1 was tested at a rate of 3 kips/min
(13.35 kN/min) up to 40 kips (178 kN), then 0.002 in/min (0.0508 mm/min) to failure. It
was felt after the completion of this test that the loading rates could be increased without
sacrificing the test accuracy. Therefore, specimens 2, 3, and 4 were tested at the same
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initial rate of 5 kips/min (22.24 kN/min) up to 80 kips (356 kN), then 0.005 in/min
(0.127 mrn/min) to failure. Finally, specimen 5 was tested at a rate of 5 kips/min
(22.24 kN/min) up to 60 kips (267 kN), then 0.005 in/min (0.127 mrn/min).
4.3.4 Test Observations
Table 4.5 gives the peak. loads for the five test specimens. It is important to note
that the peak. loads do not correspond to the instance of wrinkling of the face plate, as will
be shown later.
Signs of wrinkling of the face plates of specimen 1 were visually detected at a load
level of approximately 190 kips (845 kN). At least three half waves in the longitudinal
. .direction were detected on each of the north-west and north-east panels. As the load was
further increased, gradually the specimen started to exhibit significant out-of-plane
displacements. The load was increased until the specimen finally buckled in an overall
manner with the center of curvature being located on the north side of the specimen. At
the end of the test, local wrinkles on the north side panels only were pronounced. This is
attributed to the effect of the overall (global) buckling mode which magnified the local
buckles on the north side and diminished them on the south side. Ultimately, failure of
specimen 1 was due to the combined effect of local (wrinkling) and global buckling
modes.
Specimen 5 did not show any signs of wrinkling until the load was approaching the
ultimate load. At a load level of approximately 280 kips (1246 kN) the test was
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temporarily held and by inspection it was found that each of the four panels formed at
least three visible wrinkles. The load was increased and specimen 5 failed shortly
thereafter at a load level of about 288 kips (1281 kN). Unlike specimen 1, specimen 5 was
not observed to exhibit any significant global out-of-plane displacements. Since there were
no signs of any overall buckling behavior, it may be stated that failure was initiated and
caused mainly by face plate wrinkling.
The test set-up was designed in such a way that the chamfered plates providing
. edge support along the sides of the specimens were approximately one-half inch shorter
th~ the test specimens at the top and bottom, as can be seen in Figure 4.12. The reaso:p·
was to avoid the machine head coming into contact with the chamfered plates as the
specimen experiences axial shortening under load. This situation was found to influence
the overall behavior of grouted specimens 2 and 3. Failure of both specimens was
accompanied by local deformations at their top edges, as shown in Figure 4.16. However,
it will be shown subsequently that even though specimens 2 and 3 experienced buckling at
the top edge, information provided by the strain data showed that" some locations also
experienced wrinkling of the face plate away from the top edge.
Figure 4.17 shows a schematic of a special arrangement that was devised for
specimen 4 in order to minimize the susceptibility of the specimen to edge effects.
.Rectangular bars were fillet welded to the half cylinders at their tips as shown. Prior to
welding the bars, several holes were drilled through the bars then threaded. Similar bars
were then loosely placed next to the specimen on the surface of the half cylinder. High
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strength bolts were then screwed through the outside bars reaching to the inside bars to
"snug" it tight against the specimen. By repeating the same procedure from both sides at
the top and the bottom, a virtual fixed boundary condition of the face plates with respect
to the half cylinder is simulated. It is to be noted that in a global manner, the specimen was
theoretically still allowed to rotate at the top and bottom edges.
Specimen 4 was tested with two complete load excursions. Initially, the specimen
was loaded to a level of approximately 380 kips (1690 kN) when the test was accidentally
stopped due to a power outage. Subsequently, it was taken to failure where the specimen
failed at a load of 408 kips (1815 kN). Failure of specimen 4 was sudden and was
accompanied by a loud noise. The failure was initiated by a rupture of the fillet weld at the
south-west panel near the mid-height of the edge bar. Several buckles were observed prior
to failure on all panels of the test specimen. It appears that the high level of axial stress
combined with the formation of significant wrinkles (in two loading cycles) led to the
overstressing of the weld and subsequently its rupture. It is important to notice that the
wrinkling of the face plates occurred before the specimen reached its capacity. This was
confirmed with strain data analyzed from the first load excursion, and it was therefore
decided to use the data acquired from the first load excursion in interp~etinR the wrinkling
behavior of specimen 4.
4.3.5 Data Analysis of Ungrouted Specimens
Figure 4.18 and Figure 4.19 give the load versus head-displacement plots for
specimen 1 and specimen 5, respectively. Shown on the graphs are the points where
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softening first occurs. For specimen 1, softening occurred· at a load level of approximately
150 kips (667 kN), whereas for specimen 5, softening was observed to occur at a lmid
level of approximately 215 kips (956 kN). The average stresses corresponding to the those-
softening points, based on the total steel area, were found to be 27.3 ksi (188 MPa) and
50.6 ksi (349 MPa) for specimen 1 and specimen 5, respectively. The softening behavior
can be attributed to the initiation of wrinkling of the face plates. However, these stress
values are only indicative and a more refined analysis of the strain data is presented in the
next paragraphs.
Figures 4.20 through 4.30 give the strains of gages in pairs on opposIte sides of
the same face plate (group A gages) on the horizontal axis versus the total load for
ungrouted specimens 1 and 5. As discussed in Appendix A, the resulting strain· history can
be used to determine the state of local stress at different instances of the test. Two
characteristic stress values are of interest: the stress at the instant of first strain reversal,
O'r, and the ultimate stress value, O'er • Both of these stresses are averages of the
longitudinal stresses over the thickness of the face plate, as discussed in Appendix A. The
ultimate stress is referred to as the critical wrinkling stress because it reflects the maximum
stress to occur at the location considered.
As part of the procedure, the average stress-strain curve based on the tensile
coupons (Section 4.2.2.2) was used. Since the specimens were subjected to axial
compressive stresses, it is assumed that the compressive stress'-strain curve is identical to
the tensile stress-strain curve.
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Figures 4.20 through 4.24 give the strain data at five different locations on the
south-west and north-west panels (location Al on the south-:west panel was not used
because of a malfunctioning gage) of specimen 1. It can be observed that, depending on
the buckled configuration, either the inside or the outside gage will exhibit a strain reversal
at some point in the loading history. As pointed out in Appendix A, strain separation may
occur well before strain reversal mainly due to initial imperfections. Table 4.6 gives the
stress at the instant of strain reversal, O'r, and also the critical wrinkling stress, O'er, at the
gaged locations for specimen 1. It can be observed that O'r is sometimes low compared to
O'er . The difference may be attributed to the presence of significant initial imperfections
that cause strain reversal to occur at a very low stress. The average value of O'er (averaged
overS locations) was computed to be 27.7 ksi (191 MPa) for specimen 1.
Similarly, Figures 4.25 through 4.30 give the strain data at six locations on the
south-west and north-west panels of specimen 5. Similar observations can be drawn and
the results are presented in Table 4.7. The average value of O'er for these six locations was
found to be 55.8 ksi (385 MPa) for specimen 5.
Figures 4.31 and 4.32 give graphs of the local stress plotted against the local
curvature on the north-west panel at locations Al and A2 of· specimens 1 and 5,
respectively. As discussed in Appendix A, the local stress is an average, over the plate
thickness, of the stresses calculated from the strain data. The local curvature is the
difference in the strains measured by the two strain gages, divided by the plate thickness.
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Marked on the graphs are the points where strain reversal first occurs and also the
ultimate average stress. It can be noticed that curvatures tend to increase gradually with
increasing stresses from the start of the loading history, indicating the presence of initial
imperfections. The instant of first reversal marks a milestone in the behavior as the 'local
plate curvature starts increasing dramatically while the local stress increases at a much
slower rate until the ultimate stress, termed the critical wrinkling stress, O'er, is reached.
The critical wrinkling stress is usually associated with significant curvature of the face
plate. These figures are provided as examples, but similar behavior was observed for all
eleven locations in the test specimens that were considered in this study.
4.3.6 Data Analysis of Grouted Specimens
Figures 4.33, 4.34, and 4.35 show the load versus head-displacement plots for
specimens 2, 3, and 4, respectively. For grouted specimens, the interpretation of critical
wrinkling stresses was different than that of ungrouted ones due to the absence of strain
gages on the inside surface of the face plate. The procedure for determining the critical
wrinkling stresses for grouted specimens is explained below.
As described in Section 4.3.2, each grouted specimen had group B longitudinal
strain gages provided in sets of three at 12 different locations on the test specimens. Based
on the readings of the center strain gage and the two edge strain gages on a panel, a set of
plots were constructed with the purpose of determining the critical wrinkling strains and
consequently' the critical wrinkling stresses. The following remarks provide the
methodology and rationale:
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1. Locations near the edges of the face plate close to the bars are less susceptible
to curvatures induced by wrinkling of the face plate.
2. At a given load level, as long as the plate is relatively flat and has not
undergone any significant out-of-plane deformations; strain gage readings at
the center and at the edges of the face plate will be similar. This is an indication
that the face plate is subjected to nearly uniform compressive stresses.
3. Based on points 1 and 2 above, it can be justifiably assumed that if the strain
gage readings at the center and edges of the face plate are similar, then the
strain is constant across the face plate width and through the face plate
thickness and can be approximated by the center gage reading.
4. Generally, significant out-of-plane deformation is signaled by strain separation
between the center gage and gages near the bars, indicating the onset of
wrinkling of the face plate.
Based on the preceding remarks, it was judged that the best approach to study the
wrinkling behavior of the face plate is to consider the difference in strain readings between
the center gage and the edge gages. It is important to note that once wrinkling occurs, the
center gage reading is no longer representative of the state of strain of the face plate
because of buckling-induced bending strains. Critical wrinkling strains at different
locations of the· test specimen were selected based on center gages at the onset of
I
wrinkling. The procedure is best demonstrated-by an example.
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· Referring to Figure 4.36, locationsB4, BS, and B6 (shown in Figure 4.15) on the
south-west panel of specimen 4 were used to generate three different plots.
Figure 4.36(a).shows a plot of total load versus strain readings at B4, BS and B6. This
plot is used to determine whether or not initial imperfections were present that preclude
the use of the strain gage set in determining a reasonable wrinkling stress value. Significant
initial imperfections would be reflected by diverging curves at low load levels. It can be
observed that strain readings at the three locations considered are consistently increasing
and are comparable in value up to a certain load level, after which strain separation is
observed. In Figure 4.36(b), the total load is plotted on the vertical axis and the difference
between strain reading BS and each of B4 and B6 (denoted by BS-B4 and B5-B6,
respectively)· is plotted on the horizontal axis. It can be seen that strain separation (based
on B5 and B6) is gradual, but a rather significant separation (increase in strain difference)
occurs at a total load that is slightly less than 340 kips (1512kN). Figure 4.36(c) is a
repetition of Figure 4.36(b), except that the vertical axis represents the strain reading of
the center strain gage (namely B5 in this case). From these plots of center strain gage
reading versus strain difference (strain separation), the critical wrinkling strain is
determined.
In some cases, an abrupt increase in strain difference initiates before a large strain
difference is reached. In these cases, the center strain gage reading just prior to the abrupt
increase in strain difference is representative of strains across the width and thickness of
the face plate, and is taken as the critical wrinkling strain. For other cases, the abrupt
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increase in strain"difference occurs at a strain difference large enough that the center gage
reading cannot be considered representative of strains across the width and thickness of
the face plate. A limit on the strain difference was therefore imposed and a value of
100 microstrain was judged to be a reasonable limit. This level of strain is less· than 9% of
the critical wrinkling strain for all of the grouted specimens. The wrinkling strains
interpreted in this manner are considered to be a lower bound approximation to a critical
wrinkling strain determined using the methods used for the ungrouted specimens
(specimens 1 and 5). In the exainple case,the critical wrinkling strain was estimated from
Figure 4.36(c) to be equal to approximately 1700 microstrain and was governed by the
100 microstrain criterion.
The criteria for determining the critical wrinkling stresses for grouted specimens
may be summarized as follows:
1. The center gage strain reading is selected as the critical wrinkling strain at the
instant where an abrupt increase in strain difference is detected, provided that
the strain difference between the center gage and either of the edge gages is
less than 100 microstrain.
2. If a strain difference of 100 microstrain occurs prior to an abrupt increase in
" strain difference, the center strain gage reading where the strain difference is
100 microstrain is selected as the critical wrinkling strain.
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3. The critical wrinkling stress is determined from the critical wrinkling strain
-
using the stress-strain curve shown in Figure 4.8.
Figures 4.36 through 4.40 present the set of figures that were" used in estimating
the critical wrinkling strains for specimen 4. Five different location~with three gages per
location-were considered. The remaining seven locations were discarded because of the
presence of sigirificant initial imperfections. The critical wrinkling strains and stresses were
deduced for each location and the results are presented in Table 4.8. The average critical
wrinkling stress for specimen 4 based on the five locations considered is equal to 47.3 ksi
(326MPa).
In order to provide additional confirmation of the method being used to determine
the critical wrinkling stress, specimen 4 was provided with a one-sided gage placed on the
north-east panel positioned one-half inch from the strain gage at location B14. A one-
sided gage (so termed because it gives curvature information even though it is mounted on
one side of the plate), as shown in Figure 4.41, consists of two strain gages mounted
back-to-back on a plastic base. Neglecting the rigidity of the plastic base and assuming
that plane sections remain plane, the state of strain at the middle plane of the plate as well
as the plate curvature can be calculated from the upper and lower gage readings.
Figure 4.42 shows the strains of the inside and the outside surfaces of the face plate
•
versus the total load at. the one-sided gage location. This is analogous to the graphs in
Figures 4.20 to 4.30 for specimens 1 and 5. Using the same approach adopted for the
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ungrouted specimens, the maximum average stress attained based on the one-sided gage is
approximately 48.7 ksi (336 IvIPa). This stress is within .3% of the average critical
.
wrinkling stress determined using the method developed for the grouted specimens,
further validating. this method.
As mentioned previously, failure of specimens 2 and 3 was due to local buckling at
their top edges. Even though wrinkling ofthe face plate was not visually detected during
the tests, analysis of the strain data revealed the occurrence of significant out-of-plane
deformations at several locations for specimen 2. It is believed that the face plate
wrinkling was triggered by local edge effects at the top. At two locations (B14 and B17
on the south-east panel), initial curvatures were small enough that the method for
determining the critical stress for specimen 4 could be used. Using Figure 4.43 and
Figure 4.44, critical wrinkling strains were estimated to be 1200 and 1150 microstrain at
locations B14 and B17 of the south-east panel, respectively. The corresponding stresses
are 34.9 ksi (241 IvIPa) and 33.5 ksi (231 IvIPa), respectively, with an average wrinkling
stress of 34.2 ksi (236 IvIPa). Recalling that the average wrinkling stress for specimen 1
(geometrically identical to specimen 2, but ungrouted) was estimated to be equal to
27.7ksi (191 IvIPa). Therefore, an increase of about 23% in the critical wrinkling stress
was achieved by the introd:uction of a grout material. Had the edge buckling not taken
place, a somewhat larger increase in capacity may have occurred.
. The epoxy-grouted specimen 3 was expected to reach a higher load level than the
geometrically identical specimens 1 and 2 due to the favorable bond effect between the
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steel and the grout. As anticipated, specimen 3 reached an ultimate load of 411 kips
(1828 kN) which is 75% and 37% higher than the ultimate loads reached by specimens 1
and 2, respectively. Referring to Figures 4.33 and 4.34, it is interesting to note that once
specimen 3 reached its ultimate load, the load suddenly dropped to approximately 300 kips
(1334kN), which is the ultimate loan level for the cement-grouted specimen 2. This
behavior, suggests that the increased capacity over specimep 2 was due to bond between
the steel face plate and the grout and that upon debonding, the two· specimens behaved
similarly. If bond were maintained, yielding of the face plate would have occurred
provided that the specimen did not buckle in an overall mode. In fact, the average
compressive stress at the ultimate load level may be calculated (using transformed section
area) to be equal to 68.5 ksi (472 MPa), which is 14% lower than the nominal yield
strength of the face plate material. This stress is also 147% and 100% higher than the
average critical wrinkling stresses determined for specimens 1 and 2, respectively.
4.4 Discussion and Comparison with Theory
Theoretical lower and upper bound critical wrinkling stresses for internally
stiffened webs subjected to in-plane compressive stress were analytically presented in
Section 3.5. The use of upper and lower bound values reflects the uncertainty of the
boundary conditions that is taken into account by considering different buckling
coefficients, k, as explained in Section 4.3.1. The lower bound and the upper bound
correspond.to simply supported and fixed conditions along the unloaded edges of the face
plate, respectively.
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Figures 4.45 and 4.46 show plots of the upper and lower bound critical wrinkling
stress versus the panel width to thickness ratio for ungrouted and grouted panels,
respectively. The solid curves represent the lower and upper bounds using the elastic
"-
buckling formula (elastic modulus, E) with the appropriate k value. The experimental
critical wrinkling stresses (as described in the previous section) were then plotted with the
corresponding panel width to thickness ratio. Specimens 1 and 2 had a panel width to
thickness ratio of 70. Specimens 4 and 5 had a panel width to thickness ratio of 62 and 50,
respectively. It is worth noting that the panel width for the test specimens was taken as the
distance dw for the reasons outlined in Section 4.3.1. It can be observed that all. the
experimental wrinkling stresses lie between the theoretical lower and upper bounds based
on elastic buckling analysis. This indicates that the boundary conditions provided along the
stiffeners are somewhere between simply supported and fixed.
It has been shown, from the tensile coupon tests, that the face plate material
exhibits non-linear behavior well before the yield stress is reached (see Figure 4.8). The
interpretation .of the experimental wrinkling stresses for both grouted and ungrouted
specimens took this into account, as described in the previous section. It is, therefore,
appropriate in this case to include material non-linearity in deriving the analytical buckling
curves. This was achieved by using the tangent modulus theory. The tangent modulus
theory, first suggested by Engesser in 1889 as a means of predicting column buckling
loads, was developed by Shanley (1947) and Johnston (1963). This theory proyides a
lower bound estimation of the buckling load of an initially straight column because the
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higher stiffness of the unloading fibers is not taken into account. Furthermore, the
two-dimensional nature of plate buckling problem, as opposed to the one-dimensional
buckling problem of columns, requires an additional assumption. It is assumed that the
compression of the plate beyond the proportional limit in the longitudinal direction affects
equally the mechanical properties of the material in the transverse direction. In other
words, it is assumed that the plate remains isotropic and the tangent modulus of the
material from the uniaxial tension tests can be used directly in the plate buckling equation.
This approach has been adopted by Timoshenko and Gere (1961). In reality, however, the
plate is not isotropic but rather orthotropic at the instant of buckling and the transverse
direction is stiffer than the loaded longitudinal direction. The tangent modulu~ theory also
assumes that the plate is initially flat and that the stiffness of the plate at the instant of
buckling is proportional to the tangent modulus. Because strain reversals were observed in
some fibers of the ungrouted specimens prior to reaching the maximum average stress, the
stiffness of the plate would be· expected to be higher than that assumed in the tangent
modulus approach. For. this reason, in·addition to the assumption of isotropy, the tangent
modulus method leads to a lower bound estimate of the critical stress.
The dashed curves in Figures 4.45 and 4.46 represent the application of the
tangent modulus theory using the stress-strain curve of the face plate material. The
stress-strain curve shown in Figure 4.8 was the basis for the tangent modulus analyses,
assuming that the stress-strain behavior is identical in both tension and compression. In
order to facilitate the application of the tangent modulus theory, the stress-strain curve
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was fitted with a Ramberg-Osgood (Ramberg and Osgood 1943) function. It must be
noted that the inelastic buckling curves based on the tangent modulus theory cannot be
considered to be the true inelastic lower ahd upper bounds because of the reasons stated
above. Therefore, the tangent modulus curves are referred to as the apparent lower and
upper bounds in the following discussion.
The following observations and remarks can be made:
1. For specimen 1, the experimental wrinkling stresses deduced from the south-
west panel (lower two points) are considerably lower than the experimental
wrinkling stresses from the north-west panel (upper three points). This
discrepancy might be due to the presence of initial imperfections on the south
side panel larger than those on the north side panel. Also, there is the
possibility that boundary conditions were affected by the assembly and welding
\
fabrication processes. During the test, slight rotations near the edges of th~
face plate on the south-west panel were observed, suggesting that the south-
west panel had boundary conditions similar to the simply supported assumption
of the theoretical lower bound.
2. The experimental wrinkling stresses of specimen 5, even though lower than the
elastic upper bound curve, are in some cases higher than the apparent tangent
modulus upper bound. For the rea$ons given above, however, the true inelastic
upper bound curve lies between the tangent modulus and the elastic upper
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bound curves. This observation also applies to the lower bounds, meaning that
the true inelastic lower bound curve lies between the elastic and tangent
modulus lower bound curves. Nevertheless, it is worth noting that the average
experimental wrinkling stress (previously computed to be 55.8 ksi (385 MPa))
is only about 3% higher than the apparent tangent modulus upper bound.
3. For specimens 2 and 4, all the experimental critical wrinkling stresses lie well
. between the lower and upper bounds as predicted by both the elastic buckling
and the tangent modulus theories. It is to be noted that the way by which the
experimental critical wrinkling stresses were determined suggests that the
stresses from the test could possibly be somewhat higher than the estimated
values. Hence, it is possible that the experimental points would plot closer to
or (in the case of specimen 4) perhaps higher than the apparent tangent
modulus upper bound. Therefore, the plate edge boundary conditions for
specimen 4 might be approximated closely by fixed rather than simply
supported edges.
4. All the experimental wrinkling stresses lie well above both the elastic and the
tangent modulus lower bound curves.
Finally, it is worth noting that the effect of residual stresses in the face plates
induced from the assembly and welding processes, and also the. effect of initial
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imperfections, have not been considered in the development of the theoretical lower and
upper bounds.
4.5 Summary and Conclusions
A program of five pilot tests of internally stiffened web specimens was performed.
The wrinkling behavior of the face plates of these specimens under longitudinal axial
compression was investigated for both ungrouted and grouted specimens. Criteria to
estimate the critical wrinkling stresses from the test data were developed. Test results
were shown to agree well with the theoretical approach outlined in Chapter 3 for the bend
buckling case. The use of a grout material to fill the voids of internally stiffened panels
was proven to increase the critical wrinkling stress of the face plate by altering the
buckling mode to a higher one. The effect of bond between the epoxy grout and the steel
delayed wrinkling of the face plate until the bond was broken, after which failure occurred
suddenly. The lower bound curve gave a safe prediction of the wrinkling stress in all cases
and is therefore recommended for use in designing internally stiffened webs against bend
buckling. It has been shown in cases where the stress-strain curve is not linear that a
suitable lower bound prediction of the wrinkling stress can be made using the tangent
modulus theory. Shear, vertical, and global buckling modes of internally stiffened web
panels were outside the scope of this test program.
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Table 4.1 Test Matrix [1 in. =25.4 mm]
Specimen 1 2 3 4 5
h* (in.) 30 30 30 30 30
f* (in.) 0.125 0.125 0.125 0.125 0.125
ds* (in.) 8 8 8 7 5.5
db* (in.) 0.75 0.75 0.75 0.75 0.75
c* (in.) 0.5 0.5 0.5 0.5 0.5
Voids Ungrouted Cement Epoxy Cement Ungrouted
Grout Grout Grout
* h =Tatal heIght of the specImen, f =Face plate thickness, ds =Clear distance between
bars, db =Bar width, c =Core thickness
Table 4.2 Cement Grout vs. Epoxy Grout as Reported by the Manufacturer
[1 in. = 25.4 mm, 1 ft =0.3048 m, 1 ksi =6.89 MPa, 1 kip =4.45 kN]
Cement Grout Epoxy Grout
Components Aggregate+Water Aggregate+Hardener+Resin
Aggregate Mass to 4.8 : 1 (Fluid) 6.75 : 1 (Standard)
Mass of Other 6.66: 1 (Plastic) 5.06 : 1 (Hi-flow)
Components
ShrinkagelExpansion +0.07% volume change -0.5xlO-j inlin (Standard)
Coefficients (ASTM C-1090 and -0.65xlO-3 inlin (Hi-flow)
CRD-C-621) (ASTM C351-95)
7-day Compressive 7 ksi 14 ksi (Standard)
Strength (ASTM C-109, 2 in. cubes) 11.5ksi(Hi-flow)
(ASTM C579-96, Method B)
Tensile Strength Not specified 2.2 ksi (Standard)
2 ksi (Hi-flow)
(ASTM C307-94)
Bond Strength to Not specified 3 ksi (73°F)
Steel in Tension
Bond Strength to Not specified 4 ksi (73°F)
Steel in Shear
Young's Modulus 4.1xlOj ksi (28 days) Not specified
Flexural Strength 1 ksi (3 days) 4.5 ksi (Standard)
1.2 ksi (7days) 4 ksi (Hi-flow)
1.3 ksi (28 days) (73°F)
(ASTMC-78)
Flexural Modulus Not specified 2.1x10j ksi (Standard)
1.6x103 ksi (Hi-flow)
(73°F)
Density
-
Not specified 0.126 kips/fe (Standard)
0.117 kips/ft3 (Hi-tlow)
(ASTM C905-79)
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Table 4.3 Static Yield Strength and Tensile Strength of Sheet Material Tensile Coupons
[1 ksi =6.89 MPa] .
Static Modulus
Yield Tensile of
Strength Strength Elasticity
Coupon (ksi) (ksi) (ksi)
TC-LONG-l -- 96.8 --
TC-LONG-2 80.9 98.0 30728
TC-LONG-3 79.2 98.7 31256
TC-LONG-4 79.2 97.1 29946
TC-LONG-5 78.6 97.2 30674
TC-LONG-6 78.9 97.5 31125
TC-TRAN-l 81.4 98.9 --
TC-TRAN-2 80.9 99.1 --
Mean TC-LONG 79.4 97.6 30746
Mean TC-TRAN 81.2 99.0 --
Table 4.4 Theoretical Lower and Upper Bound Test Specimen Capacities
[1 in. =25.4 mm, 1 ksi =6.89 MPa, 1 kip =4.45 leN]
Specimen 1 2 3 4 5
ds (in.) 8 8 8 7 5.5
dw (in.) 8.75 8.75 8.75 7.75 6.25
As (in~) 5.5 5.5 5.5 5 4.25
All. (in~)
-- 8 8 7 --
n -- 7.07 16 7.07 --
Critical Wrinkling Stress (ksi)
Lower Bound 21.4 28.5 28.5 36.3 41.9
Upper Bound . 37.4 53.0 53.0 67.5 73.4
Critical Wrinkling Load Based on Steel Section Alone (kips)
Lower Bound 117.7 156.8 156.8 181.7 ,178.2
Upper Bound 205.9 291.3 291.3 337.5 311.9
Critical Wrinkling Load Based on Composite Section (kips)
Lower Bound -- 189.1 171.1 217.7 --
Upper Bound -- 351.2 317.7 404.4 --
Table 4.5 Peak Loads of Intemally Stiffened Web Specimens [1 kip =4.45 kN]
Specimen 1 2 3 4 5
Peak Load 234.6 298.9 410.9 408.4 288.3
(kips)
106
Table 4.6 Reversal Stresses and Critical Wrinkling Stresses for Specimen 1
[1 ksi =6.89 MPa]
Reversal Stress, O'r Critical Stress, O'er
Location (ksi) (ksi)
SWPanelA2 17.8 22.7
SW Panel A3 12.7 21.9
NWPanelAI 23.3 32.3
NWPanelA2 26.9 30.3
NWPanelA3 31.2 31.3
Note: Average O'er =27.7 ksi
Table 4.7 Reversal Stresses and Critical Wrinkling Stresses for Specimen 5
[1 ksi = 6.89 MPa]
Reversal Stress, O'r Critical Stress, O'er
Location (ksi) (ksi)
SW Panel Al 47.8 51.1
SWPanelA2 53.4 54.8
SWPanelA3 61.8 62.4
NW Panel Al 54.2 56.9
NWPanelA2 49.3 53.0
NWPanelA3 55.7 56.3
Note: Average O'er =55.8 ksi
Table 4.8 Critical Wrinkling Strains and Stresses for Specimen 4
[1 ksi =6.89 MPa]
Critical Strain, Eer Critical Stress, O'er
Location (microstrain) (ksi)
SW (B4,B5,B6) 1700 48.1
SW (B7,B8,B9) 1600 45.6
SE (BI3,BI4,BI5) 1450 41.7
NW (Bl,B2,B3) 1800 50.5
NW (B4,B5,B6) 1800 50.5
Note: Average O'er = 47.3 ksi
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NOTES ,
- All dimensions are in inches [1 in. =25.4 mm]
- All specimens are nominally 30 in. high
- Specimens 1 and 5 are ungrouted
- Specimens 2 and 4 are cement grouted
- Specimen 3 is epoxy grouted
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GTAW Fillet Weld
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Figure 4.1 Cross-sectional View ofTest Specimens [1 in. =2S.4 mm.]
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Figure 4.10 Welding of Specimen Face Plate to Stiffener
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Figure 4.11 Specimens 2, 3, and 4 prior to Grout Placement
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Figure 4.12 Internally Stiffened Web Test Setup [1 in. =25.4 mm]
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Figure 4.13 T~st Set-up and Instrumentation (specimen 1)
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Figure 4.14 In.strumentation Layout for Ungrouted Specimens 1 and 5
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Figure 4.16 Local Buckling Effect at the Top Edge ofSpecimen 2
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Figure 4.17 Special Arrangementat the Top and Bottom Edges of Specimen 4
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Figure 4.18 Load versus Head Displacement for Specimen 1
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Figure 4.19 Load versus Head Displacement for Specimen 5
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Figure 4.20 Load versus Surface Strains at Location A2 ofSW Panel for Specimen 1
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Figure 4.21 Load versus Surface Strains at Location A3 of SW Panel for Specimen 1
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Figure 4.22 Load versus Surface Strains at Location Al of NW Panel for Specimen "1
250
-Inside
-Outside
200
'Yi' 150
~
......,
'g
.3 100
50
o
-2000 -1500 -1000 -500 o 500 1000
Strain (microstrain)
Figure 4.23 Load versus Surface Strains at Location A2 of NW Panel for Specimen 1
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Figure 4.24 Load versus Surface Strains at Location A3 of NW Panel fotSpecimen 1
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Figure 4.25 Load versus Surface Strains at Location Al of SW Panel for Specimen 5
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Figure 4.26 Load versus Surface Strains at Location A2 of SW Panel for Specimen 5
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Figure 4.27 Load versus Surface Strains at Location A3 ofSW Panel for Specimen 5
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Figure 4.28 Load versus Surface Strains at·Location At of NW Panel for Specimen 5
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Figure 4.29 Load versus Surface Strains at Location A2 of NW Panel for Specimen 5
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Figure 4.32 Local Stress versus Curvature at Location A2 of NW Panel for Specimen 5
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128
450
400
350
--. 300CIJ
~ 250
"'--/
"Cj
~ 2000
...:l
150
100
50
0
,sF"
J
/ K..
'/ I
/ /
/ /
J /
/ /
../
./'
o 0.1 0.2 0.3
Head Displacement (in.)
004 0.5
. Figure 4.35 Load versus Head Displacement for Specimen 4
129
-Soo-3SOO -2500 -ISoo
Strain (microstrain)
450 ,...----r------,...----,....,------..,,...----,
400 ~-__r-.L....-B4:-:-l--I-----J.---~I--~
350 1----1 -BS
~ 300 1----1 -B6
~ 250 I---:---===F===-----I-----.:~~ ---+---1
'-"
~ 2ool----+-----I-----t'I<-~Ik--I___\
.3 1501----1----+----+~~~+---1
100 I----+-----I-----:---+---~""""Fr.-_\
SO I----+-----I-----+----~~t;---I
OL...- L...-__---JL....- L...-__---J..J!t..:lI~
-4Soo
a)
/:
-BS-B4 ( /
f----
f----
-BS-B6 I
1
b) 4S0
400
3S0
~ 300~g 250
~ 200
.3 ISO
100
SO
o
-2000 -ISoo -1000 -500 . 0 SOO 1000 ISoo 2000
Strain Difference (microstrain)
.. l
\
\
l )~
-
-BS-B4
-
-BS-B6
-
c)
-2000 -ISoo -1000 -500
o
-500
,,-...
o§ -1000
I-<
.....
~ -ISoo
~
'8 -2000
'-"
P3-2500
~ -3000
'§ -3Soo
.....
t"I)
o SOO 1000 IS00 2000
-4000
-4SOO
Strain Difference (microstrain)
Figure 4.36 Strains at Locations B4, B5, and B6 of SW Panel for Specimen 4
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Figure 4.37 Strains at Locations B7, B8, and B9 of SW Panel for Specimen 4
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Figure 4.38 Strains at Locations B13, B14, and B15 of SE Panel for Specimen 4
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Figure 4.39 Strains at Locations B1, B2, and B3 of NW Panel for Specimen 4
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Figure 4.40 Strains at Locations B4, B5, and B6 ofNW Panel for Specimen 4
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Figure 4.43 Strains at Locations B13, B14, and B15 of SE Panel for Specimen 2
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Figure 4.44 Strains at Locations B16, B17, and B18 of SE Panel for Specimen 2
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5. Summary, Conclusions, and Future Work
5.1 Summary
The use of high perfonnance steel in the design of highway bridge girders has the
potential to reduce girder weights substantially. However, the effectiveness of using steels
with nominal yield strengths of 70 ksi ·(483 MPa) or greater is currently restricted by
factors such as web stability, deflection, and fatigue design limits. Internally stiffened
webs-webs composed of two steel face plates connected internally by continuous
longitudInal stiffening elements-.address all of these issues. E~ith thin face plates,
deep webs that increase the overall girder stiffness can be designed so that elastic web
buckling does not occur. They are also expected to show improved fatigue behavior as
compared with conventional girders due to the absence of transverse stiffeners.
In internally stiffened webs, the interstitial voids between the· stiffeners and face
plates may be grouted or ungrouted. The grout tends to increase the wrinkling capacity of
the face plates, even when bond is considered unreliable, by forcing the plate to buckle in a
higher mode. However, in cases where bond between the grout and the face plates remains
intact, the potential for face plate wrinkling is effectively eliminated.
Using classical plate buckling theory, design criteria were proposed for bend
buckling, shear buckling and vertical buckling of the web face plates. Both grouted and
ungrouted cases were considered. As a means of assessing the anticipated behavior of the
plates, lower and upper bounds to the buckling strengths were established.
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In order to evaluate the ability of classical plate buckling theory, as adapted herein,
to predict the buckling of the face plates, tests on five web panels were conducted that
simulated the bend buckling case. Two of the specimens were ungrouted, two were
grouted with a cementitious grout, and one was grouted with an epoxy grout. It was
confirmed that the presence of grout increased the buckling capacity of the face plates and
that the improved bond using epoxy grout served to delay buckling as well, although when
the bond broke the failure was sudden. The experimentally determined buckling loads
were found to lie between analytical results generated using elastic plate buckling theory
with upper bound and lower bound boundary conditions, validating the theory. In the case
of one of the ungrouted specimens, a few of the experimental data points were found to lie
above the analytical results generated using the tangent modulus plate buckling theory
with upper bound boundary conditions. However, as discussed in Chapter 4, the tangent
modulus theory provides a lower bound estimate of the buckling load. Therefore, this
result is not surprising and doesnot necessarily violate the theoretical assumptions.
5.2 Conclusions and Recommendations
There are three possible modes in which web face plates can wrinkle: bend
buckling, shear buckling, and vertical buckling. For each of these cases, lower and upper
bound buckling criteria have been proposed herein based on classical plate buckling theory
and estimates of the plate boundary conditions. Until further tests-including full girder
tests-are performed, it is recommended that the lower bound criteria be considered
appropriate for design in all cases.
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When designing an internally stiffened girder web to reach yield in the longitudinal
direction under flexural load, Equations 3-19 and 3-25 may be used for the ungrouted
and grouted cases, respectively. In order for the web face plates to yield in shear prior to ._.
buckling, Equations 3-21 and 3:.27 may be used. To prevent the web from exhibiting
vertical buckling (from girder curvature) prior to the flange reaching yield in flexure,
Equations 3-23 and 3-29 are appropriate. It should be noted that although the criteria for
vertical buckling are considered to be quite conservative, they are unlikely to govern the
stiffener spacing, as discussed in Chapter 3.
The theory presented in Chapter 3 indicates that grouting the voids· within an
internally stiffened web, increases the buckling load because the grout forces the face
plates to buckle in a higher mode. This was confirmed experinientally for the case of bend
buckling. It was also shown experimentally that if a material with a high bond strength to
steel, such as an epoxy grout, is used to fill the space between the face plates, the buckling
load is increased further. However, because of the difficulty in achieving, maintaining, and
confirming a reliable bond, it is. recommended that the bond between the grout and· the
face plates be neglected. It was observed in the test of the epoxy grouted specimen that·
when debonding did occur, failure was sudden. Furthermore, based on the expense of the
epoxy grout material and the difficulty of working with it, it is unlikely that this option
would prove to be economical for routine bridge girder fabrication.
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5.3 Future Work
The use of the internally stiffened web concept in conjunction with high
performance steel has the potential to lead to girder weight saving. However, one of the
main obstacles to putting the system into practice is the difficulty of fabrication. The ability
to manufacture internally stiffened webs for bridge girders in a fabrication shop
economically is critical to being able to utilize the design benefits. Therefore, additional
research is required that focuses on economical aspects and, in particular, investigates the
potential for laser welding techniques to be used. At present, laser welding appears to be
the most likely solution to eliminating the fabrication complexities, but the technology is
not widely used currently in structural steel fabrication. Laser welding applications from
other, related industries should be investigated.
Other methods of stiffening, such as continuous corrugated longitudinal stiffeners
made of thin steel plate, should be investigated as an alternative to the steel bars proposed.
The thin material may facilitate laser welding for connecting the stiffeners to the face
plates.
Tests should be conducted to investigate the potential for overall buckling of the
web. Criteria to prevent this failure mode is beyond the scope of this thesis, but it may in
some cases be the governing mode of failure. It is anticipated, however, that the governing
mode of failure will generally be face plate wrinkling.
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In order to further validate the recommended design criteria, tests of full girders
with internally stiffened webs should be conducted. Although the web panel tests provide
evidence that the plate buckling theory has been appropriately applied in developing the
design criteria, the boundary conditions that would. be present witmn an actual bridge
girder cannot be precisely duplicated. For this reason, full girders are required for further
confirmation. Another aspect that can be investigated in full girder tests that has not yet
been examined experimentally is the shear buckling mode. Shear tests on web panels
would be very difficult to conduct and it would be unlikely that the boundary conditions
that are present in a girder could be effectively approximated.
Finally, a full parametric study to investigate the ability of the internally stiffened
web to reduce girder weight using high performance steel is required. In order to assess
the effect of varying each parameter, a full optimization of tpe girder cross section should
be carried out for each case.
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Appendix A- Determination of Critical Wrinkling Stresses for
Ungrouted Specimens
A.1. Introduction
This appendix describes the method used for determining the stress distribution
across the thickness of the plates of specimens.1 and 5 of the test program, taking into
account material non-linearity.
The problem of inelastic column buckling studied by Shanley (1947) can be
extended to plate buckling problems. In his work, Shanley proved that neither the
tangent-modulus theory nor the reduced-modulus theory can predict the ultimate buckling
capacity accurately. Shanley demonstrated that:
1. The tangent-modulus (Engesser) formula gives the maximum load at which an
initially straight, centrally loaded column will remain straight.
2. The column load may exceed the tangent-modulus load but cannot be greater
than the reduced-modulus load.
Moreover, Shanley showed experimentally that in order for the load to increase
beyond the tangent-modulus load (for initially straight columns) strain reversal must
occur. Strain reversal· is associated with bending of the plate. In order for the load to·
increase, the force resultant from the stress on the concave side must increase (according
to the compressive stress-strain curve) faster than the force resultant on the convex side
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decreases (unloading on a linear elastic line from the point of initial strain reversal on the
compressive stress-strain curve).
Strain gages were provided on both sides of the face plates of specimens 1 and 5
parallel to the direction· of loading as shown in Figure A.t. If it is. assumed that plane
sections. remain plane then these gages are sufficient to give the state of strain·across the
thickness at any instant during the loading process. If the plate were to remain 'perfectly
flat as the load is increased, the strains on each face would remain identical. Since the face
plates are not perfectly flat, strain separation may occur at fairly low load levels. At some
point, strain reversal will take place signaling the onset of buckling (but not the ultimate
capacity, as will be discussed later). It is worth noting that for a perfectly flat.plate, the
.instance of strain reversal corresponds to the tangent-modulus critical stress for. Under
real test conditions, however, strain reversal will occur prior to reaching the
tangent-modulus critical stress. The next section describes the method used to evaluate the
state of stress across the thickness at and beyond the instance of reversal, from which the
maximum average stress is determined.
A.2. Description of the method
Figure A.t shows a· schematic plot of the applied load versus the strain on
opposite sides of a plate. Studying the strain history enables the prediction of the critical
buckling stress locally at locations where the pair of gages are provided. Two of the three
main stages can be. recognized from Figure A.t. The first stage covers the portion of
strain history from the· beginning through the point where strain separation occurs up to
146
the point when strain reversal occurs. Reversal will first occur on one.of the outside fibers
of the plate. The second stage. (beyond reversal) is characterized by increasing strain
reversal and curvature simultaneously with an increase in load (or in other words an
increase in the average stress) up to a maximum value. The third stage involves a
decreasing average stress until failure occurs.
To clarify the concept, Figure A.2 shows a schematic of the state of strain and the
corresponding stress state across the thickness of·a plate element at three different
instances during the loading history. It can be inferred that reversal propagates inwards as
the curvature increases and therefore the portion of the section where the strain is
decreasing (reversing) also increases. The decrease in stress that accompanies the decrease
in strain (i.e., unloading) is compensated by a simultaneous increase in the compressive
stresses in the portion that is still loading (following the stress-strain curve). The local
average stress, which can be determined from the resulting stress block, will continue to
increase until an ultimate average stress value is reached.
The point that separates the portion of the section that is loading from the portion
that is unloading may be readily deduced by keeping track of the strain history of fibers
within the thickness of the plate. In determining the critical wrinkling stresses of the
ungrouted specimens, the plate was discretized into 21 fibers through the thickness
including the two outermost fibers. The state of strain at each fiber within the thickness at
a given instant can be calculated from the surface strains and the assumption that the strain
varies linearly through the thickness (plane sections remain plane). Once strain reversal is
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detected for an interior fiber then the point (marked "p" in Figure A.2) can be located.
Each fiber to the right of point p will follow the loading branch of the stress-strain curve,
and hence the corresponding stress distribution can be detemlined, while each fiber to the
left of point p will unload on a linear elastic line from the point on the stress-strain curve
where strain reversal was first observed for the fiber. A fully defined stress block at several
increments beyond strain reversal can then be dete~ed.
A final step is then carried out to determine from each stress block a unique stress
value that is referred to in Chapter 4 as the local stress. The local stress is an average
stress calculated by integrating the stress block over the thickness of the plate and dividing
by the plate thickness. The maximum value of this average stress is considered to be the
critical wrinkling stress, O'er, for the plate at a given location. The value of this average
stress at the instant of strain reversal at a given location at the extreme fiber is the reversal
stress, O'r ~ Application of the method is presented in Chapter 4 for ungrouted specimens 1
and 5.
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Figure A.1 Schematic of Applied Load versus Surface Strains
for an Initially Flat Plate
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b) Strain and stress after strain reversal with increasing average stress
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c) Increasing strain reversal until a maximum average stress is reached
Figure A.2 Schematic of the Strain and Stress Distribution Across the Thickness at
Different Load Stages
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